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1. INTRODUCTION
Modern design methods described in the current Italian or European Technical
Standards are generally based on the comparison between the demand calculated in
terms of forces or base shear associated with the design earthquake, and the
corresponding capacity. This design philosophy can be seen as the natural result of the
historical evolution of the study of structural dynamics and strictly related to how
buildings are usually designed for other actions, such as dead and live loads: if the
strength capacity of the structure and of its elements does not exceed the applied loads,
the collapse will occur.
For applied loads this approach has a strong physical basis. In fact, usual not-seismic
load such as dead, live, snow and, with some approximations, wind load, can be
considered as statically applied to the building or to some structural elements and the
load does not suddenly change neither in intensity or in direction. So, once the
strength capacity is exceeded, the element is not longer able to resist to the applied
loads and collapse occurs.
The action transmitted by earthquakes to structures is based on a different mechanism
given that it can be seen as an imposed motion of the building base that is
characterized by sudden variation of amplitude and direction.
The fact that structure strength can have a relative importance was clearly highlighted
when buildings characterized by an evident lack in terms of strength capacity
compared to the seismic demand, performed satisfactorily (Osteraas and Krawinkler,
1990). For example, despite the lack of any rational seismic design criteria, many of
San Francisco’s building suffered little or no damage during the 1906 earthquake. The
satisfactorily response of those buildings when subject to lateral loads, significantly
greater than the nominal loads used during the design phase, can be mainly seen as the
result of overstrength and favorable inelastic response characteristics.
Those considerations and the acceptance of some damage (but not collapse) in case of
rare events, such as earthquakes, highlighted the importance of the structural post-
elastic behavior guiding the development of the seismic design toward the
development of inelastic design method and the definition of force-reduction factors
which allow the estimation of lateral strengths required to control the level of inelastic
deformations during strong earthquake ground motions (Miranda and Bertero, 1994).
The most important basis for the introduction of force-reduction factors, and so for the
seismic provisions in most modern design, can be individuated in the well known
“equal displacement” approximation, first made by Veletsos and Newmark (Veletsos
and Newmark, 1960). In their work they found, from non-linear time-history analyses,
that for many structures whose fundamental period is in the range of about 0.6 – 2.0
seconds, maximum seismic displacement of elastic and inelastic systems characterized
by the same initial stiffness and mass (and so the same initial period) are very similar.
It was then recognized that a different approach to the seismic design of structures
could be developed, providing the structure with a suitable displacement capacity
rather than a strength such as to allow it to respond elastically.
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So, even if the importance of the inelastic deformation was largely recognized, the
seismic design methods developed mainly maintaining the force-based approach
through the introduction of the strength reduction factors.
However, several limitations have been recognized to the force-based design, as
detailed described in Chapter 2, and with the intent of overcoming these deficiencies
and recognizing that the most suitable parameter to evaluate the response of buildings
to the action of the earthquake is represented by the displacements and the
deformations induced in the building itself, many different displacement-based design
(DBD) methods have been proposed and developed during the last decade (Calvi,
2003).
The central concept of the DBD, as originally proposed by Priestley (Priestley, 1993)
(Priestley, 1998) (Priestley, 2000) is that the seismic design of the structure is based
on a specified target displacement for a given hazard level. So the design objective is
to let the structure achieve, rather than be bounded by, a given performance limit state
(expressed in terms of displacement) under a given seismic intensity.
In order to achieve this goal, the displacement spectra rather than the acceleration one
are used and the structure is studied through a single degree of freedom (SDOF)
element that should represent the behavior of the structure at peak displacement
response, rather than its elastic behavior. This SDOF representation of the structure is
based on the Substitute Structure approach developed initially by (Gulkan et al., 1974)
and (Shibata et al., 1976) and already used also in other analysis method (such as the
N2 Method proposed by Fajfar (Fajfar, 2000).
In the figure 1-1, the global flowchart of the DBD is shown (it is analyzed more in
depth in Chapter 2). It can be seen that, contrarily to the force-based approach, the
definition of the displacements (yielding and design) is the first step, while the
determination of the base shear force is the results, being determined using the secant
stiffness associated to the design displacement. The dissipative capacities of the
structure are taken into consideration using an equivalent viscous damping factor
(EVD), evaluated as a function of the ductility required.
Up to day, while an extensive amount of work was carried out in past researches in
order to calibrate the expression of yield displacement, design displacement and
equivalent viscous damping for concrete structures, less accuracy have been nowadays
reached for steel or steel-concrete composite structures and in particular for MRFs.
Moreover concrete structures are characterized by a pronounced non linear behavior
due to the characteristic of the concrete itself, but a relative simple geometry that
allows to define general rules that are valid for a wide range of structures. On the
contrary, even in the same structural typology, e.g. MRFs, steel and composite
structures are characterized by a details variability that may sensibly differentiate the
behavior of the whole structure.
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Figure 1-1 Flowchart of Displacement Seismic Design
It is the case of beam-to-column joints: according to the Eurocodes, three types of
beam-to-column joints are permitted for steel and composite MRF structures: (i) full-
strength rigid, (ii) full strength semi-rigid, and (iii) partial strength joints. From a
Displacement-Based Design point of view, the joint characteristics can have a great
influence on the definition of the yield displacement, ultimate displacement and on the
Equivalent Viscous Damping Factor.
Nowadays the most used expression of equivalent viscous damping for steel moment-
resisting frame systems is the one proposed in (Calvi et al. 2007) and it is calibrated
only for connections that exhibit Ramberg-Osgood hysteretic behavior with an
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assumed elastic damping coefficient of 5% without any consideration about the joint
typology or local detailing. In (Calvi et al., 2007) it is present also the most common
expression for the definition of the yield displacement for steel MRFs. But this
expression, due probably to the intent to render it as simple as possible, does not take
into account critical characteristics of the structures, such as the typology of profiles
used for beam and column or the column height.
In order to develop an actually applicable Direct DBD method also for steel MRF
structures, recommendations that account for different joint typologies would be
needed, including the effects that different joint components have on non-linearity,
hardening, damage of mechanical properties, pinching’ and so the global behavior of
the whole structure.
Within this thesis work, the influence of joint hysteretic behavior, detailing, non-
linearity, hardening, cyclic damaging on the displacement and dissipative capacity of
steel MRFs is studied from a DBD point of view.
In Chapter 2, a brief revision of the force-based and displacement-based design main
aspects is presented, highlighting for both approaches vantages and drawbacks. In
particular, a more detailed description of the displacement-based design is presented.
In Chapter 3, after the analysis of the main open problems related to the DBD
procedure, the scope of the thesis and the methodology used to reach it are described.
In Chapter 4, the global seismic behavior of moment resisting frames is analyzed,
describing the phenomenological model used to study the experimental behavior of
full-strength rigid joints. An expression of the yield displacement is then proposed for
MRF structures that uses IPE or HE profiles for beams and columns. In fact, starting
from the observation that the main cross section characteristics (elastic and plastic
section modulus, moment of inertia, shear area, etc.) can be expressed as a function of
the cross section height and that column sections are related to the beam ones by
means of capacity design relationships, it was possible to develop a simple expression
of the yield drift that, at the same time, keeps in consideration the main geometrical
characteristics of the structure.
In Chapter 5, the calibration of the equivalent viscous damping factor for beam-to-
column sub-assemblages characterized by full strength rigid joints is presented. In
order to try to take in consideration their real behavior, the calibration started from the
selection of experimental data present in literature on full strength rigid joints. The
experimental data are then used to calibrate the phenomenological model described in
Chapter 4. The dissipative capacity of the beam-to-column sub-assemblage is
evaluated using an equivalent SDOF model and several incremental dynamic analyses
are then carried out in order to evaluate, for each level of ground motion intensity, the
maximum displacement, the associated force and secant stiffness. The equivalent
viscous damping factor is then evaluated on a linear SDOF model characterized by the
secant stiffness as the damping factor that, for the same seismic intensity, allows the
linear model to reach the same maximum displacement of the non-linear one. An
expression of that relates the equivalent viscous damping whit the ductility is then
evaluated.
Finally, in Chapter 6, the design of a steel moment resisting frame through the
displacement based design is carried out.
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The present thesis was developed inside the framework of two projects. The first one
is an European research project, funded by the Research Fund for Coal and Steel
(RFCS), “DiSTEEL” (Displacement Based Seismic Design of Steel Moment Resisting
Frame Structures , 2010), aiming to the development of a well detailed procedure for
the displacement-based seismic design of steel moment resisting frames able to take
into account the influence of the different joint typologies. The second one is a
National project proposed by the ReLUIS (Rete Laboratori Universitari Ingegneria
Sismica) consortium, funded by the Italian Civil Defense, aiming to the development
of a displacement-based approach for the seismic assessment of structures.
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2. FORCE – BASED VS DISPLACEMENT – BASED SEISMIC
DESIGN
2.1. Introduction
The most important basis for the introduction of force-reduction factors, and so for the
seismic provisions in most modern design, can be individuated in the well known
“equal displacement” approximation, first made by Veletsos and Newmark (Veletsos
and Newmark, 1960). In their work they found, from non-linear time-history analyses,
that for many structures whose fundamental period is in the range of about 0.6 – 2.0
seconds, maximum seismic displacement of elastic and inelastic systems characterized
by the same initial stiffness and mass (and so the same initial period) are very similar.
In the Figure 2.1 the idealized lateral force-displacement curves of two different
structures characterized by the same initial stiffness and mass but different strength are
shown. According to the equal displacement approximation, each structure will be
subjected to the same maximum displacement Δmax.
Figure 2.1: Idealized lateral force-displacement curve of a structure according to the
equal displacement approximation
The ratio between the  length of the yield plateau and the yield displacement is defined
as the displacement ductility ratio μΔ and it can be easily seen that, in case of equaldisplacement, it is equal to the force reduction factor R, as reported in eq. (2.1).
max 1E
y y
V RV
      (2.1)
where δmax is the maximum inelastic lateral displacement reached by the structures, δyis the lateral displacement of the structure at first yield, VE is the base shear capacity
required for the structure to remain elastic, and Vy is the yield lateral load capacity ofthe structure.
So, even if the importance of the inelastic deformation was largely recognized, the
seismic design methods developed mainly maintaining the force-based approach
through the introduction of the strength reduction factors.
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As more detailed described in the following paragraphs, several limitations have been
recognized to the force-based design: i) an estimate of the fundamental period, Te, is
required to start the design process. Seismic codes use empirical expressions based on
the typology of the structural system and its geometry; ii) seismic codes specify values
for the force reduction factor, R, depending upon the material of construction and the
type of structural system used. However, these values appear to be arbitrary, difficult to
justify, and do not appear to have been established consistently by experiment or
analysis; iii) displacements are considered only at the end of the design process only
and as a mean to assess the serviceability limit state (Medhekar et al., 2000) (Priestley,
1993) (Priestley, 2003) (Priestley et al., 2007).
With the intent of overcoming these deficiencies and recognizing that the most suitable
parameter to evaluate the response of buildings to the action of the earthquake is
represented by the displacements and the deformations induced in the building itself,
many different displacement-based design (DBD) methods have been proposed and
developed during the last decade (Calvi, 2003).
In the following paragraphs, the main aspects of both force–based and displacement–
based methods will be described analyzing their virtues and vices.
2.2. Force–based seismic design
In most current design codes, the force-based seismic design procedure is applied to
regular structures through the so-called Linear Static Analysis Method and, especially
for tall and/or irregular structures for which higher modes and torsional effects are
important, the Linear Dynamic Analysis Method (or Multi-Mode Dynamic Analysis).
The basic formulation of the design method is quite simple and similar if applied
through the Linear Static or Dynamic Analysis Method.
2.2.1.Basic formulation of the method
As described in Calvi et al (2007), the basic formulation of the method can be
summarized in the following steps, as schematically shown in Figure 2.2.
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Figure 2.2: Sequence of Operations for Force-Based Design
Step 1 – Definition of the structural geometry, including member sizes. In many cases
the geometry may be dictated by non-seismic load considerations, such as
architectural or functional  issues.
Step 2 – Estimation of member elastic stiffness, based on preliminary estimates of
member size. Different assumptions are made in different seismic design
codes about the appropriate stiffness, especially for reinforced concrete and
masonry members. In some case full (uncracked section) stiffness is used,
while in some codes it is possible to  assume reduced section stiffness to
1 - Definition of
Structural Geometry
2 –Member Stiffness
3 – Estimation of
Natural Periods
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Force Reduction Factor
5 – Calculation of Design Shear
Force
6 – Distribution of the Seismic
Forces
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reflect the softening caused by expected cracking when approaching yielding
response. Some Authors (Paulay et al.,1992 ) propose a stiffness reduction as
a function of the mean compressive force value present in the element during
the earthquake, as schematically shown in Table 2.1.
Table 2.1: Effective Member Moment of Inertia (Paulay et al., 1992)
Range Recommended Value
Rectangular beams 0.30-0.50 Ig 0.40 Ig
T and L beams 0.25-0.45 Ig 0.35 IgColumns, P > 0.5fc’Ag 0.70-0.90 Ig 0.80 IgColumns, P = 0.2fc’Ag 0.50-0.70 Ig 0.60 Ig
Columns, P = -0.05fc’Ag 0.30-0.50 Ig 0.40 Ig
Ag = gross area of section; Ig = moment of inertia of gross concrete section
about the centroidal axis, neglecting the reinforcement.
Step 3 – Calculation, on the base of the assumed member stiffness and structural
geometry, of the fundamental period (Linear Static Analysis) or relevant
periods (Linear Dynamic Analysis). In some codes it is possible, when using
the Linear Static Analysis, to evaluate the fundamental period through an
height-dependent formula, which does not take explicitly into account the
member stiffness, mass distribution or structural geometry. The typical form
is given in (2.2).
3/4
1 1 ( )T C H  (2.2)
where T1 is the fundamental period, C1 is a constant that depends on the
structural system, and H is the height of the structures (usually expressed in
meters).
Step 4 – Evaluation of the appropriate force reduction factor Rμ corresponding to theassessed ductility capacity of the structural system and material. Higher (or
lower) force reduction factor can be chosen  depending on the ductility class
in which the structure is going to be designed. The design in high ductility
class (DCH in Eurocode 8), rather than in medium (DCM) or low (DCL)
ductility class allows the use of higher force reduction factors but requires the
respect of several prescriptions and principles to assure high ductility levels
to the structure, as schematically shown in the Figure 2.3.
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Figure 2.3: Idealized Force-Displacement Curves for Structures with Different Ductility
Class
Step 5 –Calculation of the design base shear VBase, assumed equal to the base shear
associated to an elastic response of the structure, VBase,E, reduced by Rμ:
,Base E
Base
VV R
 (2.3)
The elastic base shear is evaluated, in the Linear Static Analysis as
,
( )S
Base E
C S T IV WR
  (2.4)
where:
 Cs is the seismic coefficient and depends mainly on the design hazard
level and soil profile at the construction site.
 S(T) is the seismic response factor and represents a normalized
elastic response spectrum shape. It is a function of the fundamental
period of vibration of the structure.
 I is the importance factor, usually greater than unity for strategic
buildings that must remain operational immediately after an
earthquake (hospital, schools, etc.).
 W is the seismic weight, usually defined as the total dead load plus a
portion of the live load. It can be reduced in order to take into
account that not all the whole mass would actually contribute to the
lateral inertia forces during the design earthquake.
In the Linear Dynamic Analysis Method, the elastic base shear VBase,E is
obtained as a combination of the peak modal responses of each significant
mode of vibration of the structure.
Step 6 – Distribution of the base shear force to different parts of the structure to
provide the vector of applied seismic forces. For building structures, the
distribution is typically proportional to the product of the height and mass at
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different levels, which is compatible with the displaced shape of the preferred
inelastic mechanism (beam-end plastic hinges plus column-base plastic
hinges from frames; wall-base plastic hinges for wall structures). The total
seismic force is distributed between different lateral force-resisting elements,
such as frames and structural walls, in proportion to their elastic stiffness
(especially in case of rigid floors).
Step 7 – The structure is then analyzed under the vector of lateral seismic design force,
and the required moment capacities at potential locations of inelastic action
(plastic hinges) is determined. The final design values will depend on the
member stiffness.
Step 8 – Structural design of the member sections at plastic hinge locations is carried
out, and the displacements and the second order effect sensitivity factors
under the seismic action are estimated.
Step 9 – The displacement are compared with code-specified displacement limits.
Step 10 – If the calculated displacements exceed the code limits, redesign is required.
This is normally effected by increasing member size to increase displacement
stiffness. In some cases (ad example in steel moment resisting frames,
characterized by high strength reduction factors), if the second order effect
sensitivity factor exceeds the code limit, a lower strength reduction factor can
be assumed.
Step 11 – If the displacements are satisfactory, the final step of the design is to
determine the required strength of actions and members that are not subjected
to plastic hinging. The process known as capacity design, ensures that the
dependable strength in shear, and the moment capacity of sections where
plastic hinging must not occur, exceed the maximum possible input
corresponding to maximum feasible strength of the potential plastic hinges.
The force-based approach seismic design approach described above is simply to apply
to a single performance level (if the performance level is not defined by a displacement
limit, otherwise iteration is needed), has an evident physical meaning (so allowing an
on-going assessment of the design procedure) and is economically viable since the
design base shear VBase,E is lower than the strength that would be required if thestructure were to remain elastic. The strength reduction factor shall be obviously
associated with an adequate ductility capacity of the lateral–resisting system.
2.2.2. Open problems with the force – based approach
Although the force-based seismic design approach has been used extensively in the last
century and remains the reference method of seismic design requirement included in
current design codes, it was recognized that the method is affected by several
shortcomings (Priestley, 2003) (Calvi, 2007) that can be summarized as follows:
 The force–based seismic design process is initiated with an estimate of the
elastic fundamental period of the structure, which is not representative of the
inelastic behavior of the structure itself. Different evaluation methods can lead
to very scattered values of the fundamental period and so of the force used for
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the design of the structure. Moreover the elastic period is evaluated in the
hypothesis (usually not true) of independency between strength and stiffness of
members.
 Strength reduction factors are directly related to the global ductility capacity of
the structure. The displacement ductility is defined as the ratio of ultimate
displacement to first yield displacement. However, the definition of these
displacement is not unique and a great variability exists among research
communities and among codes.
 The force reduction factors Rμ are difficult to justify since they are chosen a
priori, without a knowledge of the structural global response and are unique
also when the structure is characterized by different load paths. Besides they
are defined for given categories without taking into account the great
behaviour variability that can be induced by different structural configurations.
 The equal displacement approximation is not always adequate, particularly for
short period structures.
 The displacement (or deformation) limit–states are not directly used to design
the structure, even if limiting deformation has been recognized as a paramount
goal in order to limit structural and not-structural damages.
In order to allow a better understanding of the reasons that induced researchers to
develop design methods based on different principles than the force–based one, in the
following sections the main problems are investigated more in detail.
Evaluation of the fundamental period
As mentioned before, different analysis methods and assumptions made about the
calculation of member stiffness, can lead to scattered values of the fundamental period
of the structure. In (Priestley et al., 2002), cited in (Calvi et al., 2007), a comparison of
the fundamental period of a number of structural wall buildings calculated with
different design assumption is made. The fundamental period is evaluated using the
height–dependent equation (see, for example, (2.2)), a modal analysis assuming for the
element section stiffness calculation the 50% of the gross section, a modal analysis
evaluating the element section stiffness through the moment–curvature diagram and an
alternative height–dependent equation proposed in (Crowley et al., 2004):
1 0.1T H  (2.5)
where H is the height of the building expressed in meters.
In the Table 2. the comparison of the fundamental periods is reported. It can be seen
that a great variability exists in the results obtained using different methods.
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Table 2.2: Fundamental Period of Wall Buildings from Different Approaches
(Priestley,2002)
WALL
STOREYS
Height-
dependent eq.
(2.2)
Jsec = 50% Jgross Moment-Curvature Equation (2.5)
2 0.29 0.34 0.60 0.56
4 0.48 0.80 1.20 1.12
8 0.81 1.88 2.26 2.24
12 1.10 2.72 3.21 3.36
16 1.37 3.39 4.09 4.48
20 1.62 3.65 4.77 5.60
From a pure force–based design point of view, the assumption of low periods can be
considered conservative because it usually leads to higher seismic force. But, if the
displacements of the building are assumed as a structural and non-structural potential
damage index, the assumption of low period can lead to an underestimation of the
damage related to the design earthquake.
The agreement between the fundamental period evaluated through the height–
dependent equation and through experimental tests was demonstrated in several
studies, but, as reported by (Calvi et al. 2007) the experimental measurements are
usually taken at extremely low levels of excitation (normally resulting from ambient
wind vibration), where not–structural participation is high and sections are uncracked.
Similar conclusions can be derived from other recent studies (Caprili et al., 2011)
where, in order to obtain a good agreement between the experimental and numerical
evaluation of the modal periods, it is necessary to model also the not –structural
elements (masonry infill panels).
It should be noted, however, that even if the Liner Dynamic Analysis is used to
evaluate the fundamental period, it is usually assumed that the stiffness of the section
(especially for concrete element, but in some cases also for steel ones) is independent
from the strength of the section itself. It means that, in the case of concrete structures
or elements, given a concrete section with determined dimensions, the stiffness of the
section is independent from the quantity of reinforcing bars. Because the strength of
the section if obviously influenced by the area of reinforcing steel, that implies that the
yielding curvature is proportional to the strength (see Figure 2.4).
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Figure 2.4: Design assumption of constant stiffness
From a simple analysis of the moment–curvature diagram it is possible to evaluate how
this assumption can lead to wrong results. In the Figure 2.5 the comparison of the
moment–curvature diagrams of a given concrete section (30x60 cm) obtained varying
the number of tension reinforcing steel bar is shown.
Figure 2.5: Moment - curvature diagram for a given section with different number of
tension reinforcing steel bars
It is possible to notice how the assumption of constant stiffness for this section can lead
to wrong evaluation of the structural periods. In order to take into account the influence
of strength on the stiffness of the element, it should be necessary to reiterate the design
process once the necessary strength of all element is estimated.
Ductility capacity and force–reduction factors
As mentioned before, the ductility can be defined, at material, section, element or
structural level, as the ratio between the ultimate displacement/deformation capacity
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and the yield one. Whereas the definition appears straightforward when referred to
idealized context, such as the one shown in Figure 2.1, problems arise when the
ductility is referred to realistic model due to the not unique definition of yield and
ultimate displacements. As described in (Calvi et al., 2007), the typical definition of
the above mentioned displacement can be summarized in the Figure 2.6.
Figure 2.6: Uncertainty in the definition of ductility capacity (Calvi et al. 2007)
With reference to the Figure 2.6 (b), the yield displacement can be defined as the
intersection of the line through the origin with the initial stiffness and the nominal
strength (point 1), the displacement at first yield (point 2), the intersection of the line
through the origin with the secant stiffness through the first yield, and the nominal
strength (point 3). The ultimate displacement had also different definitions such as
displacement at peak strength (point 4), displacement corresponding to a strength
degradation equal to 15% (or other percentage) and displacement at initial fracture of
transverse reinforcing (or other collapse mechanism). In order to understand the
multiple possibility of defining ultimate or yield displacement, it can be also noted that
some national and international codes, such as Eurocode 8 (UNI EN 1998-1:2005)
adopt the equal energy criteria to evaluate the yield displacement. According to (Calvi
et al., 2007), the displacement at point 3 can be 1.8 to 4.0 times the displacement at
point 1, implying that even using a unique definition of ultimate displacement, the
ductility can vary with a factor of 2.2.
These uncertainty in the definition of the ductility obviously lead to different values of
the force reduction factors proposed by different codes. In the Table 2.3 an example of
maximum force-reduction factor in different national and international codes for some
structural typologies is reported.
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Table 2.3: Examples of maximum force-reduction factor in different national or
international codes
Structural
Type and
Material
US West
Cost Japan New Zealand Europe
Concrete frame 8 1.8 - 3.3 9 5.85
Steel frame 8 2.0 - 4.0 9 6.3
Steel EBF 8 2.0 - 4.0 9 6.0
Starting from the assumption that following the design rules reported from the various
codes leads to safely designed structures, the Table 2.3 underlines that the absolute
value of the force used to design is of relatively minor importance.
Influence of structural configuration on the definition of global ductility
Besides the absence of a unique definition of yielding and ultimate displacement, the
structural configuration and different choices about its numerical modeling can lead to
further uncertainty in the evaluation of the ductility capacity. Typical cases are
structures in which the influence of some element can be neglected depending on the
sensibility of the engineer (such as the soil – foundation and foundation –
superstructure interaction), or cases in which structures belonging to the same
structural category (for which the same force reduction factor can be assigned if the
code provisions are followed) are characterized by very different displacement
ductility.
In the first case, the modeling of the soil-foundation-superstructure interaction can lead
to ductility estimates considerably lower than the case in which the same structure is
modeled neglecting this interaction. In fact, as schematically shown in the Figure 2.7,
the effect of the foundation flexibility, considering that for a well-designed structure
the foundations should remain elastic, is to increase the elastic displacement of the
whole structure while the inelastic displacement amount remain the same. It is so
simple to understand that the ductility capacity assessed considering the foundation
flexibility can be considerably lower if compared to the ductility capacity of the
superstructure alone.
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Figure 2.7: Influence of foundation flexibility on displacement ductility capacity
In the second case (structures belonging to the same structural class but characterized
by different geometrical configuration) the ductility can assume unequal values due to
the influence of structural geometry on displacement capacity. An example is provided
in (Calvi et al. 2007) and reported in the Figure 2.8 where two bridge columns
characterized by the same cross-section, reinforcing details and axial loads, but with
different height. Because the cross section is the same for both the columns, they have
the also the same yield curvature φy and ultimate curvature φu. In this way the
curvature ductility μφ is the same. However, because the yield displacement can beevaluated as proportional to the square of the height, (2.6), while the plastic
displacement is directly proportional to the height, (2.7) , it is straightforward that the
ductility associated to the two different column is completely different even if they
belongs to the same structural category.
2
3
y
y
H   (2.6)
u p PH L    (2.7)
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Figure 2.8: Influence of height on displacement ductility of circular columns (Calvi et
al., 2007)
Similarly, in the case of a bridge characterized by piers with different heights,
following the forcebased design procedure, the force reduction factor shall be just one,
even if, as illustrated before, the piers are characterized by different ductility
capacities.
Structures with Dual (Elastic and Inelastic) Load Paths
In structures characterize by more two or more systems that resists in parallel to the
seismic action, but some are designed to remain elastic (or to undergo little inelastic
deformation) and some to dissipate energy undergoing large inelastic deformations, the
procedure to use only one force reduction factor should lead to serious underestimation
of the force acting into the not-dissipating  systems. An example of such structure can
be bridges with the deck restrained from transverse movement in the abutments and
dual wall/frame building.
In the Figure 2.1 a representation of a bridge with dual load paths (elastic deck and
dissipative piers) is reported.
Figure 2.9: Bridge with dual load paths under transverse excitation (Calvi et al., 2007)
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Primary seismic resistance is provided by bending of the piers, which are designed for
inelastic response, while current seismic design philosophy requires the deck to
respond elastically. If the abutments restrains the transversal movement of the deck
ends, superstructures bending also develops. In this way two different paths for the
transmission of the force can be individuated: the first one (path 1) by which a portion
of the seismic inertia force developed in the deck is transmitted to the footings by the
piers and the second one (path 2) in which the remaining part of the seismic inertia
force are transmitted as abutment reactions. As schematically shown in the Figure 2, if
the structure is design to respond elastically (deck and piers), most part of the seismic
force is carried by the piers. If a force-reduction factor is applied (but maintaining the
hypothesis of elastic deck), and the equal displacement approximation is accepted, the
path 1 of Figure 2 transforms in path 3. It means that both deck and piers are going to
be designed using the force associated with the piers yield displacement Δy implying soa serious under estimation of the force transmitted by the deck bending. In fact the
forces in path 2, that are required to be within the elastic range, continue to rise for
increasing displacements.
Similar problems to the ones just highlighted for structures characterized by elastic and
inelastic load paths are also typical of structure in which dual (or more) inelastic paths
are present but they are characterized by different yielding displacements. Examples of
this structural typologies can be dual wall/frame building.
2.2.3. Summary
In the previous paragraphs the main problems related with the force–based design were
discussed. All this open problems and the consideration that in seismic design
displacements play a role more important than forces and so they should be used as a
design parameter and not only as a final check, lead to the necessity of developing
different design methods.
It should however noticed that the design through a force–based method combined
with capacity design principles and carefully detailing, usually leads to safe designed
structures. But the degree of protection under the design earthquake is very non-
uniform from structure to structure (Calvi et al., 2007).
2.3. Displacement – based seismic design
The design procedure known as Displacement Based Design (in the following also
referred to as DBD) has been developed over the past decade with the aim of
mitigating the deficiencies in current force–based design, some of them already
highlighted in the previous paragraphs. The central concept of the DBD, as originally
proposed by Priestley (Priestley, 1993) (Priestley, 1998) (Priestley, 2000) is that the
seismic design of the structure is based on a specified target displacement for a given
hazard level. So the design objective is to let the structure achieve, rather than be
bounded by, a given performance limit state (expressed in terms of displacement)
under a given seismic intensity.
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From the analysis point of view, one of the fundamental differences from force–based
design is that DBD characterizes the structure to be designed by a single degree of
freedom (SDOF) representation of performance at peak displacement response, rather
than by its initial elastic characteristics, considering so a total equivalent viscous
damping properties representative of the global inelastic behaviour of the structure at
the target displacement. This SDOF representation of the structure is based on the
Substitute Structure approach developed initially by (Gulkan et al., 1974) and (Shibata
et al., 1976) and already used also in other analysis method (such as the N2 Method
proposed by Fajfar (Fajfar, 2000).
The design procedure determines the strength required at designated plastic hinge
locations to achieve the design aims in terms of defined displacement objectives. It
must then be combined with capacity design procedures to ensure that plastic hinges
occur only where intended, and that not–ductile modes of inelastic deformation do not
develop. These capacity design procedures must be calibrated to the displacement–
based approach.
2.3.1. Basic formulation of the method
In the Figure 2-9 the flowchart illustrating the steps of the displacement–based seismic
design process for a single degree of freedom structure is shown. They can be
summarized as follow:
 Step 1: Definition of yield Δy and maximum displacements Δmax
The first step in the design procedure is the definition of the yield Δy and maximum (or
design) displacement Δmax that the building should not exceed under a given seismichazard level. The target displacement will depend on the limit state being considerate,
and whether structural or non-structural are more critical. For any given and pre-
defined limit state structural performance will be governed by limiting material strains,
since damage is strain-related for structural elements. Damage to not-structural
elements can be generally drift-related.
 Step 2 Determination of Equivalent Viscous Damping
The determination of the equivalent viscous damping factor can be carried out using
expressions based on a great number of Non Linear Time History (NLTH) Analyses
that, for each structural typology and depending on the shape of the hysteretic cycle,
relates the displacement ductility with the damping ratio. In fact, for a given level of
ductility demand (calculated in step 1), a structural steel frame building with compact
will be assigned a higher level of equivalent viscous damping than a reinforced
concrete bridge designed for the same level of ductility demand, as a consequence of
“fatter” hysteresis loops.
 Step 3: Evaluation of the effective period Te associated to the target
displacement
With the target displacement determined (step 1) and the corresponding damping
estimated from the expected ductility demand (step 2), the effective period Te
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associated to the target displacement can be read from the displacement spectra defined
for different levels of damping.
 Step 4: Determination of the effective stiffness Ke associated to the target
displacement
With the effective period Te (step 4) evaluated it is possible to determine the effectivestiffness Ke associated with the target displacement inverting the normal equation ofthe period:
2
2
4 e
e
e
mK T
 (2.8)
where me is the effective mass of the structure participating in the fundamental mode ofvibration (coinciding with the total mass for SDOF structures).
 Step 5: Determination of the design lateral force
Once the target displacement Δt (step 1) and the effective stiffness (step 5) determined,
it is straightforward to calculate the design base shear force:
Base e dV K  (2.9)
As can be noticed, the design is very simple and starts from the definition of the target
displacement. The “complex” part of the procedure is the definition of the “substitute
structure” characteristics, the determination of the target displacement and the
development of design displacement spectra.
It can be noticed that the determination of the effective period could be obtained
directly after the definition of the design ductility (step 1), merging, for a specific
hysteretic rule, the relationship between the damping ratio and displacement ductility
with the relationship between displacement and periods. In this way the step 2
(determination of the equivalent viscous damping factor) could be avoided. However,
in order to maintain an approach as general as possible, in the following paragraphs the
equivalent viscous damping factor will be considered.
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Figure 2-9 Flowchart of Direct - Displacement Seismic Design
2.3.1.1. Multi Degree of Freedom (MDOF) Structures
For MDOF structures the design process is practically the same of the one described
for SDOF structures in the previous paragraph once the characteristics of the
equivalent SDOF substitute structure are evaluated. As schematically shown in the
Figure 2.1, in order to evaluate the equivalent base shear the substitute structure shall
be defined in terms of equivalent mass, equivalent height, design displacement and
effective damping. Once the base shear is determined, it can be distributed between the
mass elements of the real structure as inertia force and the structure analyzed under
these forces to determine the design moment at locations of potential plastic hinges.
Step 1
Definition of Yield
Displacment Δy, Design (orMaximum) Displacement Δdand Displacement Ductility.
Step 2
Determination of the
Equivalen Vuscous Damping
Factor
Step 3
Evaluation of the Effective
Period
Step 4
Determination of the
Effective Stiffness
Step 5
Determination of the Design
Lateral Force
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Figure 2-10 Schematization of the MDOF structure into an equivalent SDOF substitute
structure
Design Displacement
The characteristic design displacement of the substitute structure depends on the limit
state displacement or drift of the most critical member of the real structure, and an
assumed displacement of the structure. This displacement shape is that which
corresponds to the inelastic first-mode at the design level of seismic excitation. In this
way the changes in the first-mode due to the plasticization of some elements is taken
into account and the approach is consistent with the assumption of a secant stiffness
associated with the maximum response. So, the design displacement of a structure
schematized by n degree of freedom can be evaluated as follows:
   2
1 1
/
n n
d i i i i
i i
m m
 
     (2.10)
where mi are the masses associate with the n degree of freedom and Δi thedisplacements of the n degree of freedom obtained by the selected deformed shape and
the limit state displacement (or drift).
Once the displacement of the critical element and the design displacement shape
(discussed in the following section), the displacements of the n degree of freedom can
be calculated as:
c
i i
c
 
      (2.11)
where δi is the inelastic mode shape, Δc is the displacement corresponding to the
reaching of the limit state at the critical mass c and at δc is the value of the inelasticmode shape at mass c.
Several displacement shapes have been proposed for structure typologies (cantilever
wall building, frame building, multi-span bridges, etc.) from different Authors. One of
the most used and considered adequate for frame building (the structural typology
considered in this thesis work) is the one proposed by Pettinga and Priestley (Pettinga
et al., 2005), expressed by:
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/i i nH H  for n ≤ 4 (2.12)
4 13 4
i i
i
n n
H H
H H
             for n > 4 (2.13)
being Hi and Hn are the heights of level i and the roof (level n) respectively.
Effective Mass
The effective mass me, evaluated as the mass of the MDOF structure participating to
the first inelastic mode of vibration, can be expressed as:
 
1
/
n
e i i d
i
m m

   (2.14)
As pointed out in (Calvi et al., 2007), although the contribution to the base shear of
higher modes, when evaluated through modal combination rules such as the square
root of the square sum (SRSS) or complete quadratic combination (CQC), can result in
a significant increase of the elastic base shear force over that from the first inelastic
mode, this effect can be better accommodated in the capacity design phase, rather than
the preliminary phase of design.
Equivalent viscous damping
The effective damping depends on the structural system and displacement ductility
demand. So, once the target displacement Δd (or design displacement) of the substitute
structure is evaluated as expressed in (2.10), the effective yield displacement is needed
to be evaluated. If the yield drift is assumed constant with the height (generally true for
frame structures), the yield displacement can be expressed as:
y y eH   (2.15)
where θy is the yield drift of the structure considered (more details about the
calculation of the yield drift will be discussed in the following paragraphs) and He isthe effective height of the substitute structure that may be taken as:
   
1 1
/
n n
e i i i i i
i i
H m H m
 
    (2.16)
The design ductility needed to evaluate the equivalent viscous damping factor can be
than evaluated as usually by :
d
y
   (2.17)
In the case different structural elements with different strength and damping factors
contribute to the seismic resistance, the global damping can be found by the weighted
average based on the energy dissipated by the different structural elements, as reported,
for frame structures, in (2.18):
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  (2.18)
where Mj, θj and ξj are the design flexural strength at the design displacement, rotationof the plastic hinges, and damping, respectively, of the jth structural element.
Distribution of Design Base Shear Force
Once the design base shear force is calculated, it should be distributed as distributed
design forces in order to establish the design moment for potential plastic hinges.
Similarly to the force–based approach, the design forces can be distributed in
proportion to mass and displacement at the discretized mass locations: 
 
1
i i
i Base n
i i
i
mF V
m


 (2.19)
Despite the similarity with the force–based approach, it should be noted that (2.19) is
based on the inelastic first-mode of vibration rather than a height-proportional
displacement shape.
Analysis of Structure under Design Force
The analysis of the structure under the design force determined by (2.19) to determine
the design moments at potential plastic hinge locations is analytical straightforward,
but some care is needed in order to assure that the MDOF structure is effectively
represented by the substitute structure characterized by the secant stiffness at design
displacement response.
In reinforced concrete frame and dual (wall/frame) system buildings, capacity design
shall be applied and considering the weak-beam/strong-column rule, beam members
will be subjected to inelastic actions, and the appropriate beam stiffness will be:
  c crbeam
b
E JEJ 
 (2.20)
where EcJcr is the cracked section stiffness and μb is the expected beam ductility
demand (that can be assumed equal to the frame design ductility μs with acceptableprecision (Calvi et al., 2007)).
For the column, given that they are designed to remain in the elastic field, the stiffness
should be taken equal to EcJcr without reduction factor.
The general method described in the previous paragraphs shall be obviously supported
by some analysis tools allowing the evaluation of the parameters (target displacement,
equivalent viscous damping factor, etc.) needed to carry out the displacement based
design. The most important analysis tools are described, for different structural
typologies, in the following paragraphs trying to analyzing the lack of information
related to the design of steel and steel-concrete composite moment resisting frames.
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2.3.2. Reinforced concrete structures
Yield displacement
One of the observation that gave birth to modern displacement-based procedure was
that the assumption that concrete members stiffness at first yield can be considered
independent of strength is invalid (Priestley, 2000b). Priestley demonstrated, in fact, in
precedent works (Priestley, 1998a) (Priestley 1998b) that, on the contrary, for
reinforced concrete members the yield curvature is essentially independent of
reinforcement and axial load level, and is a function of yield strain and section depth
alone. So, it is easy to understand that varying the strength of the element with the
reinforcing content and being the yield curvature practically uninfluenced, the stiffness
is necessarily influenced by the amount of reinforcement (see also Figure 2.5). In the
same works Priestley proposed the firsts approximated relationship between the yield
curvature, the yield strain rate of the reinforcing steel and the main dimension of the
section:
Circular concrete column 2.25 /y y D  (2.21)
Rectangular concrete column 2.10 /y y ch  (2.22)
Rectangular concrete wall 2.00 /y y wl  (2.23)
Concrete beams (rectangular or
flanged) 2.25 /y y bh  (2.24)
where εy is the yield strain of the flexural reinforcement and D, hc, lw and hb are the
section depths of the circular column, rectangular column, rectangular wall, and beam
(rectangular or flanged) sections respectively. It is worth of notice, given what
specified in § 2.2.2, that the before mentioned equations give the yield curvature of the
equivalent bi-linear approximation of the moment curvature curve, corresponding to
the point 3 on the force-displacement of Figure 2.6.
The yield displacement of a SDOF structure (such as a cantilever bridge column or a
low rise cantilever wall), can be satisfactorily approximated for design purposes by
 2
3
y SP
y
H L   (2.25)
where H is the height of the SDOF structure, LSP an effective additional heightrepresenting the strain penetration effects (expression for the evaluation of LSP can befound in (Calvi et al. 2007).
For reinforced concrete structure (and also for structural steel frame) that cannot be
represented by SDOF element, it is possible to evaluate the yield drift starting from the
yield curvature.
In fact, considering the independency of the yield curvature of the concrete beam and
column from the flexural reinforcement ratio and strength, the storey yield drift of
frames can be accurately expressed as a function of the same parameter (yield strain
and section depth) and of the frame geometrical dimensions. In the Figure 2.11 a
typical concrete beam/column subassemblage is shown. The beams extend half a bay
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width on either side of the joint, and columns half a storey height above and below the
joint. Since bay width normally exceeds storey height and column curvatures is usually
less than beam curvatures if capacity design principles are respected, the beam
flexibility is likely to be the major contributor to the deformation. With reference to the
deflected shape shown in the Figure 2.11(b), the yield drift θy can be expressed as:
2 2c s
y by jy
c cL L
        (2.26)
where θby and θjy are the rotations of the joint centre due to beam flexure and joint
shear deformation respectively, Δc is the flexural deformation of the column toprelative to the tangent rotation at the joint centre, and Δs is the additional deformationof the column top due to shear deformation of beams and columns.
Integrating the curvature, the yield drift due to the beam (main contribution) is:
 0.5
3 6
y b y b
by
L L    (2.27)
Substituting in (2.26) and (2.27) typical values of storey height/bay length, maximum
column curvature, joint deformation and member shear deformation, the following
approximated expression is obtained (Calvi et al., 2007):
0.5 by y
b
L
h 
       (2.28)
The comparison between predictions of expression (2.28) and experimental yield drifts
of reinforced concrete beam/column tests showed the good reliability of the expression
(Calvi et al., 2007).
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Figure 2.11: Elastic Deformation Component to Drift of a Beam-Column
Subassemblage
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Design displacement
As already stated in the previous paragraphs, the design displacement depends on the
limit state being considered, and whether structural or non-structural consideration are
more critical. It is so comparatively straightforward to compute the design
displacement from strain limits. Considering a SDOF concrete structure characterized
by a rectangular cross section (similar considerations can be also made for circular
ones). As schematically shown in the Figure 2.12, the maximum displacement response
is obtained when concrete strain in compression εc or reinforcement tensile strain εs
reaches the maximum value (associated to the considered limit state) εc,ls or εs,ls,
respectively.
Figure 2.12: Curvature Corresponding to Limit Strains for a Rectangular Cross Section
Consequently there are two possible limit state curvature (it is very uncommon to reach
both of them simultaneously, because the neutral axis dept c is fixed by the
reinforcement ratio and axial load on the section):
Concrete compression , , /c ls c ls c  (2.29)
Reinforcement tension  , , /s ls s ls d c   (2.30)
The lesser of ϕc,ls and ϕs,ls governs the structural design. The design displacement Δd,lsassociated to the limit state considered can be so obtained as the sum of the elastic and
inelastic contributions as reported below:
   2, 3 SPd ls y p y ls y pH L L H          (2.31)
where ϕls is the lesser of ϕc,ls and ϕs,ls, Δy is the yield displacement and Lp is the length
of the plastic hinge.
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If the limit state is not related to not-structural considerations but it is specified as code
drift limit θc, the design displacement given by (2.31) must be checked against
d cH   (2.32)
The lesser of displacements Δd,ls and Δd,ls is the design displacement.If the building is a MDOF structure, the design displacement can be obtained using
(2.11) and (2.12).
Equivalent viscous damping
As specified in previous paragraphs, the design procedure requires relationship
between displacement ductility and equivalent viscous damping. In the evaluation of
the global equivalent viscous damping, it is possible to individuate the contribution due
to elastic behaviour of the structure and the one due the hysteretic cycles, as
eq el hyst    (2.33)
where ξhyst is the hysteretic damping and depends on the hysteresis rule appropriate forthe structure being designed and ξel id the elastic damping ratio (typical set equal to0.05 for concrete structure and 0.02 for steel ones).
Several Authors proposed different equations for the estimation of the hysteretic
damping such Dwairi and Kowalsky (Dwairi et al., 2007):
1
hyst C  
     (2.34)
or Grant et al. (Grant et al., 2005):
 
1 11 1hyst db
e
a T c 
         
(2.35)
where the coefficients C, a, b, c, d depend on the hysteresis rule and μ is the design
ductility. It can be noted that the formulation proposed by Grant et al. takes into
account the period-dependency of the response in the coefficient c and d.
As noted by Calvi et al. (Calvi et al., 2007), for most design, it is however possible to
simplify the calculation of the equivalent viscous damping by noting that the period-
dependency is insignificant for T > 1 sec and an elastic damping ratio of 0.05 may be
assumed without relevant errors. Calvi et al. (Calvi et al. 2007) proposed so
expressions for the evaluation of the equivalent viscous damping considering an elastic
ratio contribution equal to 0.05. The expressions, for concrete wall building
(characterized by a “Takeda Thin”, TT, hysteresis cycles) and concrete frame building
(characterized by a “Takeda Fat”, TF, hysteresis cycles), are reported below and
showed in the Figure 2.13.
Concrete Wall Building
(TT):
10.05 0.444eq  
      (2.36)
Concrete Frame Building
(TF):
10.05 0.565eq  
      (2.37)
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Figure 2.13: Design Equivalent Viscous Damping Ratios (associated to 5% of Elastic
Damping)
With the definition of the yield displacement, design displacement and of the
equivalent viscous damping it is possible to carry out the procedure described in the
previous paragraph for the design of a concrete frame or dual frame/wall structure.
2.3.3.Steel structures
2.3.3.1. Structural solutions
Steel structures designed for seismic areas can be mainly divided into three general
categories:, concentric braced frame, eccentric braced frames and moment resisting
frames. In the first category, concentric braced frame (CBF), horizontal stiffness and
resistance is granted by a system of diagonal element placed in such a manner that
there is no eccentricity of connection and the elastic response may be described by
truss action. In the second category, eccentric braced frame (EBF), there is eccentricity
of connection in order to provide a displacement mechanism which involves a mix of
truss and flexural action. The dissipation of the seismic energy takes place in pre-
determined locations (dissipative links). In the last category, moment resisting frame
(MRF), the horizontal seismic forces are absorbed by the flexural action of the steel
beams and columns. If capacity design principles are respected and the structure is
designed to dissipate the seismic energy, the dissipation takes place in the plastic hinge
located at the ends of the beams.
The key elements of displacement-based design of steel structures are practically the
same of the ones described in general in § 2.3.1. Some considerations are, however,
needed for the calculation of the necessary parameters for the correct application of the
displacement-based design procedure. In the following paragraphs, after a short
description of the main aspects of the structure typologies, the more recent observation
about the displacement-based design are reported.
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2.3.3.2. Concentrically braced frames
A bracing system is defined “concentric” when there is no eccentricity between the
axis of the various element composing the structure. Different configurations can be
realized as schematically shown in the Figure 2.14. The braces are subjected to large
axial forces and minimal bending actions. Historically, CBF were first utilized for
lateral force resistance under wind loading, where the structure is required to remain
elastic. In such cases, the high elastic stiffness is useful to minimize the displacement
of the structure. When designed to resist seismic loading, inelastic behaviour should be
cautiously considered. In fact, when dissipative behaviour is required, the inelastic
strains take usually place in the diagonal members, ensuring beams and columns
remain elastic. Obviously, this implies the adoption of the capacity design and
carefully detailing of the bracing members and bracing connections. With reference to
the Figure 2.14, it is obvious that horizontal seismic forces will induce axial tension in
one of the brace and axial compression in the other. If the seismic action is strong
enough to yield in tension one brace, it will be difficult to avoid inelastic buckling in
the compressed brace. For this reason, the scheme e) of the Figure 2.14 is not permitted
in seismic areas because, when one brace buckles, the column bends and inelastic
strains can develop.
Figure 2.14: Concentric braced frame typologies
Yield displacement
The yield displacement of a CBF is usually governed by the first yielding of the
bracing elements. As reported in (Calvi et al., 2007), if strains in the beams and
columns are negligible with respect to strains in the brace, the yield drift can be
expressed as:
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s
L
H   (2.38)
where Lbay is the length of the frame bay and Hs is the storey height.
Design displacement
While there have been extensive studies on the dynamic response of CBF, there does
not appear to be a focused study on inelastic displacements patterns and the parameters
that affect them. In (Calvi et al., 2007) several study executing dynamic analyses of
CBF are cited and, from the analysis of the results, the most suited inelastic shape
seems to be the linear one independently of the number of storeys. (2.12) can so be
used. For the determination of the maximum interstorey drift, necessary to the
determination of the design displacement, (Calvi et al., 2007) suggest to adopt the
value of 0.015, lower than code drift limits in order to take into account the
deterioration of hysteretic cycle due to the yielding in tension/buckling in compression.
Equivalent Viscous Damping
The equivalent viscous damping depends on the shape of the hysteretic cycles of the
dissipative elements. So it is highly dependent on the type of CBF. If it is possible
(depending on the design rules followed) to assume that no strength reduction will
occur due to the yielding in tension/buckling in compression effects, the following
equation, based on the Ramber-Osgood (RO) hysteretic cycle, can be used (Calvi et al.,
2007):
Concentric Braced Frame
(RO):
10.05 0.577eq  
      (2.39)
2.3.3.3. Eccentrically braced frames
A bracing system is defined “eccentric” when the axis of the single braced frame are
eccentric with respect to the beam-to-column joint or to the beam axis, as
schematically reported in the Figure 2.15, where the most common EBF typologies are
reported.
Figure 2.15: Eccentrically Braced Frame Typologies
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EBFs were intensively studied from 1980 because it is characterized by an high
horizontal elastic stiffness but also by a great ductility and capacity to dissipate the
seismic energy through inelastic deformation of the links.
Yield displacement
In order to estimate the EBF deformation capacity, it is necessary to define the local
deformation of links associated to different limit states is necessary. A recent study,
(Sullivan, 2013), proposed the chord rotation values reported in the Table 2.4.
Table 2.4: Chord rotation values for different performance limit states proposed by
(Sullivan, 2013)
Performance limit state
No damage Repairable damage No collapse
EBF link with e ≤ 1.6
Mp/Vp
γy γy+ 0.08 γy+0.10
EBF link with e ≥ 3.0
Mp/Vp
γy γy+ 0.02 γy 0.025
e, link length; γy link chord rotation at yiled; Mp, plastic flexural strength; Vp, shear
strength of the link section
In order to evaluated the yield and design displacement, they need to be related to
global deformation values. In the afore-mentioned study, the yield drift has been
evaluated as sum of the contribution (see Figure 2.16) of the beam elastic flexural and
shear deformation, column axial deformation and braces axial deformation.
Figure 2.16: Illustration of main elastic deformation components (Sullivan, 2013)
So, the yield drift at storey number i can be expressed as follows (Sullivan, 2013):
 
 , , 1,
, , , ,
,
2 22
sin 2
br i y cols i y i si
y i link i br i cols i
b i bbr i
k k h h
L e L
      
        (2.40)
where (see Figure 2.16):
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 Lb is the bay length;
 ei is the length of the link at level i;
 δv,i is the vertical displacement of the brace-to-beam joint;
 hs is the interstorey height at level i;
 α is the angle (in the not deformed shape) between the beam and the brace;
 kbr,i is the brace strain ratio at level i;
 kcols.i-1 is the column strain ratio at level i-1;
 hi is the top storey height at level i;
 εy is the yield strain of the brace.
More details about the calculation of the aforementioned parameters can be found in
(Sullivan, 2013).
Design displacement
As already said in the previous sections, the total storey drift capacity for a given
performance level should be taken as the smaller of the drift capacity for structural and
non-structural elements. For structural elements, the total storey drift capacity, θc,str,i, is
obtained for level i by summing the storey yield drift from (2.40) with the plastic
storey drift capacity, θp,i :
, , , ,c str i y i p i    (2.41)
The plastic storey drift capacity of level i should be found from:
, , , , , ,
,
( )i p link i i ls link i y link i
p i
b b
e e
L L
       (2.42)
where γp,link,i is the allowable plastic chord rotation of the link for the intended
performance limit state. As shown in (2.42), the plastic chord rotation can be computed
as the total chord rotation, γls,link,i , taken from the Table 2.4 for the design limit state,
minus the link chord rotation at yield.
Once the yield and design rotations, θy,i and θc,str,i, are evaluated, in order to apply theDBD procedure, it is necessary to estimate the deformed shapes of the building
associated with the two rotations. As indicated in (Sullivan, 2013), results of shake
table testing undertaken on a steel EBF structure indicated a linear displacement profile
at low intensities, tending towards a concave profile at large intensities. This behavior
would appear to support the notion that the elastic column axial deformations
counteract the shear-type deformations of the brace system to generate to relatively
linear displacement profiles at low intensities. At high intensities, however, the
displaced shape tends to become more non-linear as the plastic deformation demands
concentrate at the links. For displacement-based design of EBFs, therefore, the limit
state displacement profile, Δi,ls , is proposed by (Sullivan, 2013) as:
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.i ls c ih  for θc ≤ θy (2.43)
    . 1
2
2
n i
i ls y i c y i
n
H hh h H h  
      for θc ≥ θy (2.44)
where hi is the height of level i above the base, Hn is the total building height, h1 is the
height of the 1st storey, θy is the minimum storey yield drift over the height of thestructure and θc is the critical storey drift limit. The critical storey drift limit, θc, should
be taken as the minimum value of the drift limit for non-structural elements (usually
specified by codes) or structural elements (see (2.41)).
Equivalent Viscous Damping
As shown in § 2.3.1, the DBD procedure traditionally utilizes ductility dependent
equivalent viscous damping expressions combined with damping-proportional spectral
displacement scaling factors to account for the effects of non-linear behavior on
seismic demands. However, in (Sullivan, 2013) the procedure proposed by (Pennucci
et al., 2011) is adopted. In this procedure, the step of evaluating the equivalent viscous
damping as a function of the design ductility and the step to reduce the elastic spectra
by a factor that is a function of the previously evaluated equivalent viscous damping,
are condensed in one single step. In this way the accuracy is likely to be improved and
displacement spectra (rather than highly damped elastic spectra) are generated directly
as a function of the design ductility demand using so-called displacement-reduction
factors.
So, in (Sullivan, 2013), the following expression is proposed to obtain a ductility-
dependent spectral displacement reduction factor, ηΔ,EBF, for steel EBF systems:
, 1
1.17( 1)1 1EBF e
      (2.45)
where μ is the design displacement ductility demand. The expression (2.45) is based on
the results of numerous NLTH analyses reported by Maley (2011) for systems with
bilinear hysteretic properties characterized by a post-yield stiffness of 5% the initial
stiffness and should be sufficient for design purposes poses. In order to construct an
inelastic displacement spectrum, Sd,in(Te), using the displacement reduction factorobtained from (2.45) one simply needs to multiply the elastic spectra displacement
demand, Sd(T ), by the displacement reduction factor.
2.3.3.4. Moment resisting frames
Moment resisting frames are structures characterized by the absence of a bracing
systems so the horizontal seismic forces are absorbed by the flexural action of the steel
beams and columns. This structural typology became very popular in high seismic
zones due to the elevated dissipative capacity (if the capacity design principles are
respected and energy dissipation takes place in plastic hinges located at the end of the
beams). For this reason, current codes permit the use of very high force reduction
factor for MRFs, as shown in the Table 2.5.
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Table 2.5: Force reduction factors for steel MRFs
Steel MRFs US West Cost Japan New Zealand Europe8 2.0 - 4.0 9 6.3
However, provided that reliable joint details are adopted in order to avoid brittle
fractures or local and global buckling, the plastic deformation capacity of a steel frame
is likely to be large, with storey drifts in excess of 2.5% being able to develop before
local strain demands become problematic. It is so easy to understand that the seismic
design of modern steel MRFs is likely to be governed by storey or interstorey drift
limits for not-structural elements rather than classical strength issues. While in
American standards storey drifts are usually not permitted to exceed 2.5%, Eurocode 8
(UNI EN 1998-1:2005, 2005) does not appear to set specific storey drift limits for rare
seismic events and instead sets a series of serviceability drift limits for more frequent
events.
As for the other structural typologies, the first step of the DBD procedure requires
selection of performance criteria, considering both structural and non-structural issues,
in order to define the yield and design displacement. In the draft model code presented
by Calvi and Sullivan (Calvi et al., 2012) both non-structural storey drift limit (see
Table 2.6) and steel section strain limits (see Table 2.7) are specified.
Table 2.6: Storey Drift Limit for Non-Structural Elements at Different Performance
Levels (Calvi et al., 2012)
Drift Limit Level 1No Damage
Level 2
Repairable
Damage
Level 3
No Collapse
Building with brittle
nonstructural
elements
0.004 0.025 No Limit
Building with
ductile non-
structural elements
0.007 0.025 No Limit
Building with non-
structural elements
detailed to sustain
building
displacement
0.010 0.025 No Limit
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Table 2.7: Strain Limit for Plastic Hinges of Structural Elements, exacted from (Calvi et
al., 2012)
Material Level 1No Damage
Level 2
Repairable
Damage
Level 3
No Collapse
Structural Steel
Strain – Class 1
Sections, Flexural
Plastic Hinges
0.010 No Limit No Limit
Structural Steel
Strain – Class 2+ &
3 Sections, Flexural
Plastic Hinges
εy εy εy
Steel Brace Strain χbr εy 0.25μt εy 0.5μt εy
As said before, for well designed steel MRF structures, the non-structural drift limits
are likely to be critical for design.
Yield displacement
The frame yield displacement, Δy, can be simply derived from the following equations:
y y eH  (2.46)
0.65 y by
b
L
h
  (2.47)
where He is the equivalent height of the substitute structure evaluated using (2.16), θy isthe yield inter-storey drift, εy the yield strain of the steel, Lb the beam span length and
hb is the depth of the beam section. (2.47) was calculated for steel section by (Calvi etal., 2007) using the same approach described in § 2.3.2 for concrete structures.
In the event that the MRF has bays of different length, the yield drift, θy, should first beobtained for each bay using (2.47) and then a weighted average value for the storey
yield drift should be determined using the following equation (Calvi et al., 2007):
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(2.48)
where θy,i is the yield drift of storey i, θy,j is the yield drift and Mp,j the beam plastichinge strengths of bay j of a the frame possessing a total of nb bays.
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As noted in (Sullivan, 2013),it is clear from equation (2.49) that in order to estimate the
yield drift of the frame one requires a reasonably good idea of the likely section sizes.
Since the design process actually aims at establishing the required member strengths so
that beam and column sections can be sized, it is apparent that the yield drift
expression given by equation (2.49) requires designers to adopt an iterative design
process. That is, a designer should first estimate the likely section sizes they intend to
use, then calculate the yield drift, ductility, equivalent viscous damping and from that
the base shear which can be used to establish the required member strengths. If the
sections initially selected do not provide the required resistance then larger section
sizes must be selected and the design process repeated.
Design displacement
If the structure is designed for a limit state in which elastic response is expected (e.g.
serviceability), then the elastic 1st mode shape should be used, while for the damage
control limit state for which the building is expected to respond nonlinearly, the
expression proposed by (Sullivan, 2013), should be used: 
 , 1
4
4
n i
i ls c i
n
H hh H h
   (2.49)
where Δi,ls is the displacement of level i at the development of the performance limitstate, θc is the storey drift limit (associated with the performance limit state), hi is theheight of level i above the base, Hn is the total height of the frame building and h1 is the
height of the 1st storey.
Equivalent Viscous Damping
For steel MRF structures that exhibit Ramberg-Osgood hysteretic properties (typical of
frames with
compact sections and well detailed full-strength rigid joints) the equivalent viscous
damping, ξeq, is evaluated with the expression (2.50) reported below in order to
facilitate the reading:
10.05 0.577eq  
      (2.51)
As underlined in (Sullivan, 2013), equation (2.52) is an empirical expression from
(Calvi et al., 2007) that was calibrated using the results of non-linear time-history
(NLTH) analyses of SDOF systems modeled with plastic hinges characterized by the
Ramberg-Osgood hysteretic model and with 5% tangent stiffness-based elastic
damping. As steel MRF structures may be characterized by lower levels of elastic
damping, more research is needed to calibrate a new expression based on the results of
NLTH analyses with 3% elastic damping. Priestley et al. (Calvi et al., 2007) do provide
an approximate means of modifying equivalent viscous damping values to account for
elastic damping values lower than 5%, but they are quite involved and so are not
reported here. Also note that clearly, if the MRF joint details are such that the
hysteretic response differs significantly from the Ramberg-Osgood model, then
alternative expressions should be used.
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2.3.4.Steel–concrete composite structures
The use composite steel–concrete structures offers several behavioral and practical
advantages over bare steel and other alternatives. The increase of stiffness and capacity
due to composite action enables the use of larger beam spans under the same loading
conditions. Accordingly, the demand for larger and more flexible usable space, coupled
with the need for faster optimized construction processes, has led to an increased
utilization of composite frames in recent years (Elghazouli et al., 2008)
In terms of seismic performance, composite frames exhibit favorable behavior due to
the enhanced response characteristics including ductility properties. However, the
number of detailed studies carried out on the seismic response of composite frames, in
comparison with bare steel or reinforced concrete counter-parts, has been relatively
limited.
In particular, the study on DBD procedures suitable for composite structures,
characterized by the interaction of the concrete components with the steel ones, have
been hardly carried out and surely needs further investigations in order to calibrate all
the expressions needed (collapse mechanisms, yield and design displacements,
equivalent viscous damping among others) in order to carry out the procedure.
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3. SCOPE OF THE THESIS AND METHODOLOGY
3.1. Open problems
While an extensive amount of work was carried out in past researches in order to
calibrate the expression of yield displacement, design displacement and equivalent
viscous damping for concrete structures, less accuracy have been nowadays reached for
steel or steel-concrete composite structures and in particular for MRFs. Moreover
concrete structures are characterized by a pronounced non linear behavior due to the
characteristic of the concrete itself, but a relative simple geometry that allows to define
general rules that are valid for a wide range of structures. On the contrary, even in the
same structural typology, e.g. MRFs, steel and composite structures are characterized
by a details variability that may sensibly differentiate the behavior of the whole
structure. It is the case of beam-to-column joints: according to the Eurocodes, three
types of beam-to-column joints are permitted for steel and composite MRF structures:
(i) full-strength rigid, (ii) full strength semi-rigid, and (iii) partial strength joints.
Analysis requirements are simpler for full-strength rigid joints, but realizing such joints
in practice can be difficult and costly. Full strength semi-rigid joints are likely to be
more economical, but the analysis requirements are more onerous and the added
flexibility that characterizes such joints may make it even more difficult to satisfy the
deformation limits. Partial strength joints will probably be the most economical to
construct, but little guidance is given for the seismic design, analysis and verification
of such joints, making them less common in regions of high seismicity. In common
design practice, beam-to-column joints are usually modeled as perfectly fixed or
pinned, allowing, in the first case, the perfect transmission of bending moments
between beam and column without any relative rotation, while, in the second case, the
perfect rotation between members without any transmission of the bending moments.
Real joints are obviously characterized by an intermediate behavior and, depending on
the joint typology, effective initial stiffness, non-linearity, hardening, damage of
mechanical properties, and, if it is the case, ‘pinching’ can greatly influence the overall
seismic performance of the building. From a Displacement-Based Design point of
view, the joint characteristics can have a great influence on the definition of the yield
displacement, ultimate displacement and on the Equivalent Viscous Damping Factor.
Nowadays the most used expression of equivalent viscous damping for steel moment-
resisting frame systems is the one proposed in (Calvi et al. 2007) and it is calibrated
only for connections that exhibit Ramberg-Osgood hysteretic behavior with an
assumed elastic damping coefficient of 5% without any consideration about the joint
typology or local detailing. In (Calvi et al., 2007) it is present also the most common
expression for the definition of the yield displacement for steel MRFs. But this
expression, due probably to the intent to render it as simple as possible, does not take
into account critical characteristics of the structures, such as the typology of profiles
used for beam and column or the column height.
In order to develop an actually applicable Direct DBD method also for steel MRF
structures, recommendations that account for different joint typologies would be
needed, including the effects that different joint components have on non-linearity,
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hardening, damage of mechanical properties, pinching’ and so the global behavior of
the whole structure.
Another issue recently raised in the framework of performance based design (and
concerning, so, also the DBD) is the limitation of residual deformations. Residual
deformations can be very dependent on the hysteretic characteristics and the ratio
between peak and residual drift differs for MDOF and SDOF systems (see
Christopolous & Pampanin 2004, Pettinga et al. 2007). If the ratio of the residual to
peak drift is known, then the Direct DBD procedure can be easily adapted to consider
residual deformations within a performance-based design framework, as illustrated by
Christopolous & Pampanin (2004). However, work on residual deformations has thus
far not considered the wide range of hysteretic characteristics that can be expected in
steel frame systems that possess different joint typologies and nor has much work been
done on the effects of higher modes and P-delta effects on residuals.
3.2. Scope of the thesis
The main scope of this thesis work is the study of the influence of joint hysteretic
behavior, detailing, non-linearity, hardening, cyclic damaging on the displacement and
dissipative capacity of steel MRFs from a DBD point of view. As already highlighted
in Chapter 2, the general procedure is quite simple and straightforward to apply once
expressions of yield displacement, ultimate displacement and EVD are available. The
complexity of the procedure lies right in a definition of such expressions capable of
taking into account the influence of the joints hysteretic characteristics on the global
behavior.
The main objective of this thesis work is then the definition of specific rules for steel
moment resisting frames characterized by full strength rigid joints, being this joint
typology the most used in Italy and in most European country for MRFs.
In facts, rigid joints, despite the higher realization costs if compared with the semi-
rigid one, are characterized by simpler analysis requirements and allows to satisfy in a
easier way the deformation limits thanks to their limited flexibility. Even if some work
has been already done about this issue by several authors (Calvi et al., 2007) (Sullivan,
2013) (Calvi et al., 2009) (Miley, 2011) (Priestley, 1998) (Priestley, 2003), different
questions about the influence of joint details have not been investigated yet. In
particular, specific study on a more detailed definition of the yield drift expression is
carried out, trying to take into account the most influencing geometrical and
mechanical parameters but, at the same time, trying to preserve the simplicity of the
approach. Concerning the EVD expression, a definition able to take into account the
real behavior of full-strength rigid joints is studied starting from experimental data
available in literature. In order to suitably describe the hysteretic behavior of this joint
typology, a phenomenological model is applied, calibrating it in order to take into
account the progressive damage due to the energy dissipated and the maximum
deformation reached. Furthermore, the evaluation of the residual deformations is a
relatively new problem and a lot of work should be done in this field.
A similar approach is then set up also for steel–concrete composite MRFs. In fact, up
to day, the development of displacement–based design rules for composite structures
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have been hardly faced up. Moreover, that dissipative composite MRFs characterized
by full strength rigid joints can be designed in the same way of bare steel MRFs, given
that usually the energy dissipation is entrusted to the steel section only. So, neglecting
the concrete beam slab contribute to the energy dissipation, the results obtained for the
steel MRFs can be used. So, in order to broaden the results of this work, composite
MRFs characterized by partial strength semi-rigid joints, in which the concrete slab
contribution can be explicitly taken into account, are considered, allowing also the use
of existing experimental date on a real scale specimen useful to assess the goodness of
the results found. This part of work is however still on-going and results are expected
to be available in the near future.
3.3. Methodology
The development of a well calibrated Displacement – Based Design procedure for steel
moment resisting frames characterized by full strength rigid joints required two main
steps, respectively related to the study of the non-linear cyclic behavior of the main
dissipative element (beam ends and beam-to-column joint for the steel structure
typology considered and partial strength joint for composite one) and to the evaluation
of equivalent viscous damping factor of an elastic SDOF element as a function of the
ductility demand.
The definition of the yield displacement is revised analyzing the most influent factors
and looking for simple relationship between the section properties of European
common profiles and the deformability of the structure. It is noted, in fact, that for
common profiles such as HE or IPE series, a direct relationship between the section
properties (elastic section modulus, plastic section modulus, moment of inertia, shear
area, etc. ) and the cross section height can be established. Recognizing that, and
making appropriate hypothesis regarding the relative resistance between beams and
columns, it is possible to obtain simple equations that relates the beam cross section
height and the main geometrical characteristics with the structure yield drift.
Concerning the EVD factor, given that for the steel MRFs with full strength rigid joints
the elements that most influence the dissipative capacity of the structure are the beam
ends in which the plasticization, and so the greatest amount of the energy dissipation,
takes place, the evaluation of the equivalent viscous damping factor started from the
study of full strength rigid joints (see figure 3-1).
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Figure 3-1 Schematization of the DBD procedure for a steel MRF: influence of the dissipative
zones
In order to take into account the real behavior of the steel joints, several test campaigns
were selected and data on  joints, classified as full strength rigid joints, collected.
Different test configurations, element sizes, profiles, load patterns and beam-to-column
joints were considered in order to cover as much cases as possible.
On the base of the experimental data collected and given the simple shape of hysteretic
curve of full strength rigid joints, a phenomenological model was calibrated, taking
into account hardening and degradation effects.
Once the analytical models were calibrated, several incremental dynamic analyses,
IDA,  were carried out on a SDOF model characterized by the same hysteretic behavior
of the joints studied. For each intensity level, the maximum deformation experienced
by the model and the residual displacement were recorded. In this way it was possible
to evaluate the secant stiffness associated to the maximum displacement and use it to
calculate the equivalent viscous damping factor needed to reach the same maximum
displacement with a linear SDOF model, as schematically shown in figure 3-2)
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Figure 3-2 Schematization of the Non-Linear beam-to-column model and of the Equivalent
Linear one.
The general workflow is schematically shown in Figure 3-3.
Figure 3-3 General workflow for the DBD procedure calibration for Steel MRFs with full strength
rigid joints
SDOFmodelof the dissipative zone:
• Real hysteretic behavior (hardening,
cyclic damaging,etc)
• Elementeffective stiffness
LinearSDOF equivalentmodel:
• Linearbehavior
• Secantstiffness atmaximum
displacement
• Equivalentviscous dampingfactor
NON-LINEAR behavior
of the dissipative zone
LINEAR behavior with EVD
Theycan be considered equivalent froma DBD pointof view if, when subject to a
seismic action of the same intensity, they show the sameMAXIMUM
DISPLACEMENT AND FORCE
Collection of existing
experimental data on full
strength rigid joints
Calibration hysteretic cyclic
model of the dissipative zone
(plastic hinge + joint) and IDA
Data classification
Main components
Yield and ultimate
displacement
Secant stiffness at
maximum displacement
Residual displacement
IDA on a SDOF structure with
elastic behavior
Equivalent viscous damping
factor
Study of the cyclic behavior of
the structural dissipative zones
Evaluation of the EVD
factor
Application to a case of study
Chapter 4: Steel Moment Resisting Frames in Seismic Areas
4-1
4. STEEL MOMENT RESISTING FRAMES IN SEISMIC AREAS
4.1. Introduction
Moment-resisting frames, also called moment frames, are, in their simplest form,
rectilinear assemblages of beams and columns, with beam-to-column connections
capable of transmitting bending moments. Resistance to lateral force is provided
primarily by the development of bending moments and shear forces in the frame
members and joints. So, the bending rigidity and strength of the frame members and
joints is the primary source of lateral stiffness and strength for the entire frame
(Bruneau et al., 1998).
Steel MRFs have been popular in many regions of high seismicity for several reasons.
First, they have been viewed as highly ductile systems. Within the force-based design
method, building code provisions for earthquake design typically assign the largest
force reduction factors (and therefore the lowest lateral design forces) to MRFs, see
for example table 2.3, reflecting the opinion of code writers that moment resisting
frames are among the most ductile of all structural systems. Second, moment frames
are popular because of their architectural versatility. There are no bracing elements
present to block wall opening, providing maximum flexibility for space utilization. On
the other side, a penalty for this architectural freedom results from the inherent lateral
flexibility of moment-resisting frames. Compared with braced frames, in which the
resistance to horizontal loads is demanded to the bracing systems, moment frames
generally require larger member sizes than those required for strength alone to keep
the lateral deflections within the code-mandated drift limits. The inherent flexibility of
moment frames may also result in greater drift-induced not-structural damage under
earthquake loading than with other stiffer systems.
4.2. Basic response of ductile moment-resisting frames to lateral loads
A steel MRF is composed of three basic components: beams, columns and beam-to-
column joints (comprehensive of the column web panel zone). They are schematically
illustrated in the Figure 4-1 for a simple two-storey, single bay MRF.
Beams span the clear distance from face-of-column to face-of-column, Lb, andcolumns are divided into a clear span portion, hci, and a panel zone region of height,
hpzi. In traditional structural analysis, moment frames are often modeled as linerepresentation of horizontal and vertical member, with the lines intersecting at
dimensionless nodes. The Figure 4-1 shows also qualitatively the distribution of the
bending moment, shear force, and axial force in a moment frame under lateral load.
These internal forces are shown for the beam, clear span portion of the column, and
the column panel zone, and they do not include gravity load effect. Similarly, the clear
span portions of the columns are typically subjected to high moments, with relatively
low shear forces. Axial forces in columns, both tension and compression, can be
significant because of overturning moments on the frame.
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Figure 4-1: Ductile MRF: a) Geometry considering finite dimensions of members, b) Typical
moment diagram under lateral loading, and c) corresponding member forces on beams,
columns, and panel zones (Bruneau et al., 1998)
Chapter 4: Steel Moment Resisting Frames in Seismic Areas
4-3
Finally, the column panel zone is subjected to high moments, high shear forces due to
a severe moment gradient, and possibly high axial forces.
The qualitative distribution of internal forces illustrated in Figure 4-1 is fundamentally
the same for both elastic and inelastic ranges of behavior. The specific values of the
internal forces will change as elements of the frame yield and internal forces are
redistributed. The basic patterns, however, remain the same.
4.3. Beam-to-Column Connections
Generally, the joint can be defined as the portion of the structure where the
transmission of the forces between beam and column takes place, as schematically
shown in the Figure 4-2.
Figure 4-2: Schematization of the force transmission in steel joints
More in dept, a beam-to-column joint consists of a web panel zone and either one
connection (single sided joint configuration) or two connections (double sided joint
configuration), as schematically shown in Figure 4-3.
The connection can be defined as the totality of welded and bolted jointing that
mechanically connect the beam to the column, while the web panel (eventually
stiffened and reinforced by welded plates) is the column zone upon which the stresses
transmitted from the connections are applied.
Traditional models do not explicitly consider the beam-to-column effective stiffness,
providing an incomplete picture of the MRF behavior. Actually, some modern codes
such as Eurocode 3 (UNI EN 1993-1-8, 2005) prescribes to model the deformational
behavior of a joint, taking into account  of the shear deformation of the web panel and
the rotational deformation of the connection.
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Mdx
Tdx
Ninf
MInf
T inf
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MsupNsup
Chapter 4: Steel Moment Resisting Frames in Seismic Areas
4-4
Figure 4-3: Joint schematization following Eurocode 3 part 1-8
Besides, Eurocode 3 prescribes that in order to model a joint in a way that closely
reproduces the expected behavior, the web panel in shear and each of the connections
should be modeled separately, taking account of the internal moments and forces in
the members, acting at the periphery of the web panel. Moreover, according to
Eurocode 8, (UNI EN 1998-1, 2005),  “joints in dissipative zones should possess
sufficient over – strength to allow for yielding of the ends of connected members” and
“the adequacy of design should be supported by experin1ental evidence whereby
strength and ductility of members and their connections under cyclic loading should
be supported by experin1ental evidence, in order to conform to the specific
requirements” for “each structural type and structural ductility class. This applies to
partial and full strength connections in or adjacent to dissipative zones”. But,
dissipative semi-rigid and/or partial strength connections are permitted, provided that
all of the following requirements are verified (UNI EN 1998-1, 2005):
a) the connections have a rotation capacity consistent with the global
deformations;
b) members framing into the connections are demonstrated to be stable at the
ultimate limit state (ULS);
c) the effect of connection deformation on global drift is taken into account using
nonlinear static (pushover) global analysis or non-linear time history analysis.
Therefore, according to Europeans code full strength joints are more reliable than
partial strength joints, whose application in seismic zones is not explicit denied but in
practice strongly limited with the requisite of experimental verification of their
ductility and the further requirements on nonlinear global analysis.
Rigth connectionLeft connection
Columnweb panel
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4.3.1. Joint Modeling
Following the classification proposed by Calado (Calado,1994), there are three main
types of analytical models used to describe the hysteretic behavior of steel joints:
 Finite Element Models;
 Phenomenological Models;
 Physical Theory Models.
Finite Element Models
The finite element approach generally subdivides all the members of a joint into a
series of segments, each of which may be subdivided again into a number of elements
(beams, shells  or solid elements discretization). As demonstrated by recent studies it
is also possible to take into account, in this type of models, the interaction between
local and lateral buckling of slender elements (such as I beams). However, in spite of
providing the most realistic representation of the element behavior, the finite element
method usually demands a lot of computing time for each joint that have to be studied.
Phenomenological Models
Phenomenological models are based on simplified hysteretic rules which try to
reproduce the observed hysteretic behavior of the joints and represent currently the
most common approach to the analysis of steel elements. Two of the most recently
phenomenological model used to describe the hysteretic behavior of steel joint are:
 Richard - Abbott model;
 Ramberg - Osgood model.
Even if the aforementioned model were originally developed as monotonic models,
recent studies, such as (Della Corte et al.,1999) based on Richard - Abbott monotonic
model and (De Martino et al.,1987) based on Ramberg - Osgood monotonic model,
developed them in order to be used to describe the hysteretic behavior of steel joints.
Physical Theory Models
Physics theory models incorporate simplified formulations based on physical
considerations that allow the cyclic inelastic behavior to be computed. While
phenomenological models need empirical information on cyclic inelastic behavior in
order to be calibrated, the input data for physical theory models are based on the
material properties and common geometric properties of a member. Moreover, the
geometric representation of the element is considerably simpler than that used for a
finite element model. In fact, usually, physical models used to simulate the monotonic
or cyclic behavior of steel elements or joints, consists of elastic or rigid bars connected
by a deformable element. The correct calibration of the deformable elements (usually
non linear springs) properties is one of the key point to assure a good correspondence
between the model and the experimental behavior. One of the most physical theory
model is the "component method" proposed by UNI EN1993-1-8:2005 (Eurocode 3)
where practical  design rules are provided to determine the strength, stiffness and
deformation capacity of individual components of the joints (for instance bolts in
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tension, column web in compression etc.). The overall joint behavior may be assessed
by assembling the mechanical characteristics these individual components.
As highlighted in the following paragraphs, the hysteretic behavior of full strength
rigid joints is quite simple if compared with semi-rigid ones or of pinned connections.
In fact, it is not characterized by the presence of important pinching phenomenon
because the biggest amount of plastic deformations is concentrated into the connected
elements (usually the beams) and not into the joint components (i.e. the bolts). Even if
some yielding occurs in the column we panel zone, it is characterized by very stable
cycles. So, the phenomenological models seem to be the most appropriate in order to
describe this joint typology.
Within this work, the model proposed by (Della Corte et al., 1999), is used. As
schematically shown in Figure 4-4, this model distinguish the loading branch from the
unloading one.
Figure 4-4 Moment rotation curve proposed by (Della Corte et al., 1999)
The loading branch is based on Richard-Abbott monotonic model that, expressed in
terms of moment-rotation functions, assumes the following expression:
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where ko represents the initial tangent stiffness, n is a parameter that influences the"smoothness" of the passage between the elastic and inelastic field (if n is great, the
curve tends to be bilinear), Mo and kh are parameters that define the asymptotic linewhose equation is given by
h oM k M   (4.2)
The unloading branch is assumed to be linear with a stiffness equal to the loading
initial one. So the equation, in terms of Moment-Rotation, is expressed by
okM  (4.3)
The cyclic hardening, supposed to be isotropic, is taken into account by the translation
of the asymptotic line. The entity of this translation is a function of the maximum
rotation φmax (positive or negative) experienced by the joint, expressed in the following
way:
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So, when the joint rotation exceeds the yield value, the parameter Mo is updated andthe asymptote translates, as schematically shown in Figure 4-5.
Figure 4-5 Hardening asymptote translation
The deterioration of the mechanical characteristic due to the accumulation of plastic
damage is taken into account by means of the collapse index proposed by Park and
Ang that assumes the following expression:
, ,
h
u o u u o
EIC M
      (4.5)
where:
  is the maximum rotation reached at the instant in which the index is
evaluated;
 ,u o is the deformation capacity of the joint under monotonic loading
conditions;
 β is a coefficient to be determined from the experimental results;
 Eh is the energy dissipated until the instant in which the index is evaluated;
 Mu is the bending strength.
As shown in equation (4.5), the collapse index, IC, is given by the contribution of two
terms. The first one takes into account the damage related to the maximum
deformation reached , while the second one takes into account the damage related to
the hysteretic energy dissipated. The collapse of the joint takes place when the IC
reaches a value equal to 1.
Both terms of the IC equation are a function of ,u o that is the maximum deformation
of the joint under monotonic loading. This term should be evaluated considering that
the maximum rotation capacity is often imposed by the possibility of local and global
instability mechanisms of the beam. The application of the IC index is used, within
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this work, to evaluate only the strength deterioration, but it can be used to estimate
also the variation of the other mechanical parameters (stiffness, etc).
4.4. Panel Zone
When a moment frame is subject to lateral loads, high shear forces develop within the
panel zone. The resulting deformations of the panel zone can have an important effect
on the response of the frame in both the elastic and inelastic ranges of frame behavior.
For this reasons and in order to describe the monotonic and cyclic behavior of the joint
panel, several models have been developed in past decades and numerous tests have
been performed to investigate the load–deformation behavior using connection
subassemblies. Some significant observations from these tests can be made (Kim et al.
2002):
 Joint panel zones often develop a maximum strength that is significantly
greater than the strength at first yield. This additional strength has been
attributed to strain hardening and to contributions of the column flanges in
resisting panel zone shear forces. Large inelastic panel zone deformations are
typically required in order to develop the maximum panel zone strength.
 Panel zone deformations can increase significantly the overall deformation of
a steel moment frame, for both elastic and inelastic ranges of behavior.
 Panel zone stiffness and strength can be increased by the attachment of web
doubler plates to the column within the joint region. The effectiveness of
doubler plates is affected by the method used to connect them to the column.
 In the inelastic range, panel zones can exhibit very ductile behavior, both for
monotonic and cyclic loading. Experimentally observed hysteresis loops are
typically very stable, even at large inelastic deformations.
 Large inelastic panel zone deformations can increase the likelihood of fracture
occurring in the region of the beam flange to column flange groove welds.
This effect has been attributed to the occurrence of large localized
deformations.
The main drawback of using a phenomenological model to describe the hysteretic
behavior of joints is the loss of information related to the different physical
mechanisms that take place during the overall behavior. But, as highlighted before, the
hysteretic behavior of fully welded joints is quite simple if compared with other joint
typologies and it is characterized by the interaction of few components. Basically, they
can be divided in: plastic hinge that develop in the beam end and the column panel
zone. Applying, for the latter, the component methods described in Eurocode 3 (UNI
EN 1993-1-8, 2005), the most important of them can be summarized in:
 Column web panel zone in shear
 Column web panel zone in compression
 Column web panel zone in tension
It should be noted, however, that in order to avoid dangerous local buckling effects in
the column web panel zone, usually web stiffeners are placed as extensions of the
beam flanges and the influence of the column web panel zone in compression and in
tension “components” can be neglected.
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In order to evaluate the influence of the panel zone on the global joint behavior,
especially regarding the definition of the yield drift and considering that it is intended
to study only full-strength rigid joints in which the panel zone should be over-resistant
with respect to the connected elements, a simple elastic model based on the
Krawinkler (Krawinkler et al., 1971) formulation is used.
4.5. Yield drift expression for Steel Moment Resisting Frames
As already described in Chapter 2, in order to carry out the Displacement Based
Design of a structure, the yield displacement and the design (or ultimate) one are
needed as initial input.
Because one of the aims of the DBD is to provide a direct design procedure, the exact
yield displacement, that would require the geometrical and mechanical characteristics
of both beam and column section, cannot be used.
In the literature (Calvi et al., 2007), an approximate expression of the yield
displacement is provided and evaluated as the yield drift due to the first yielding of the
beam, see (4.6), opportunely increased in order to take into account the contribution
of the joint and column deformability, see (4.7).
2.2 0.376 6
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Where:
 ϕyb is the beam yielding curvature;
 Lb is the beam span length;
 hb is the beam cross section height;
In (4.6) the assumption that the yield is curvature is equal to 2.2 time the ratio
between the yield deformation and the beam section height is done in order to take
into account the real characteristics of the material.
However, (4.7) is computed for typical beam-to-column sub-assemblages but does not
take into account the joint typology, the beam or column cross section typology or the
inter-storey height.
In the following a procedure for the evaluation of the yield drift expression is
proposed for the structure where beams and columns are realized with typical I section
(HE or IPE).
4.5.1.Preliminary studies on I sections
For this section typologies it is possible to evaluate approximated relations between
the main geometrical characteristics (elastic section modulus Wel, plastic sectionmodulus Wpl, moment of inertia J, shear area AV) and the cross section height. In the
figuresFigure 4-6 andFigure 4-7 the aforementioned relation are plotted.
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a) b)
c)
Figure 4-6 Relationship between the elastic section modulus a), plastic section modulus b),
shear area c) and the section height for HEA and HEB profiles
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a) b)
c)
Figure 4-7 Relationship between the elastic section modulus a), plastic section
modulus b), shear area c) and the section height for IPE profiles
It can be seen that for both HE and IPE profiles it is possible to express, with a good
approximation, the elastic and plastic section modulus as directly proportional to the
square of the section height while the shear area as a linear function of the height
raised to 1.5. Those observation can be resumed in the following equations, where the
αi factor are reported in table Table 4.1.
2
1elW h  (4.8)
2
2plW h  (4.9)
1.5
3VA h  (4.10)
Table 4.1 Alpha parameters used to relate the global section properties to the section height
Section type: α1 α2 α3[mm] [mm] [mm0.5]
HEA 13.50 15.10 0.66
HEB 16.40 18.40 0.80
IPE 7.82 8.98 0.53
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Considering that the moment of inertia of a cross section is directly related to the
section modulus and to the section height, it can be obtained also the following
expression:
3
1
2 2
elW h hJ    (4.11)
For HEM profiles the dependence of the section characteristics by the section height is
slightly different due to the different ratio between the height and the flange thickness.
It is however possible to find, for the most used dimensions, a linear relationship
between the elastic section modulus (or the plastic one) and the section height raised
to 1.5. The shear area can be linearly related to the section height.
In the figure Errore. L'origine riferimento non è stata trovata. the elastic section
modulus, the plastic one and the shear area are shown as function of the section height
for profiles from HEM240 to HEM650.
a) b)
c)
Figure 4-8 Relationship between the elastic section modulus a), plastic section modulus b),
shear area c) and the section height for HEM profiles
It can be seen that the relations are slightly different from the HEA, HEB and IPE
profile and they can be written as follows:
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1.5
1elW h  (4.12)
1.5
2plW h  (4.13)
3VA h  (4.14)
The values of the alpha parameters are resumed in Table 4.2.
Table 4.2 Alpha parameters used to relate the global section properties of HEM to the section
height
Section type: α1 α2 α3[mm1.5] [mm1.5] [mm]
HEM 506.5 583.1 24.56
4.5.2.Yield drift expression for interior joints
In structure with full strength rigid joints where the first element to yield is the beam,
the yield drift can be globally evaluated as follows:
2 2C S
y by j
C CL L
        (4.15)
Where:
 θy is the total yield drift;
 θby is the rotation of the joint centre due to beam flexure;
 θj is the rotation of the joint centre due to joint deformation;
 Δc is the flexural deformation of the column top;
 Δs is the deformation of the column top due to the shear
deformation in beam and column;
 LC is the column height.
Neglecting the contribution due to the shear deformation in beam and column, all the
other terms are function of the beam and column cross section properties. In fact,
following the model proposed by Krawinkler (Krawinkler, 1978), the contribution due
to the joint deformation can be evaluated as follows:
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Where:
 Myb is the yield bending moment of the beam;
 Ke,pa is the elastic stiffness of the column web panel;
 Jb is the moment of inertia of the beam cross section;
 AVc is the shear area of the column;
 Wel is the section modulus of the beam
 ρ is a geometrical factor evaluated as follow.
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Where tbf is the beam flange thickness.
Considering that the tbf is usually negligible in front of the beam cross section height,the ρ factor can be estimated as:
b
C
h
L  (4.18)
Concerning the contribution due to the flexural deformation of the column, it can be
expressed as:
3
, , , ,22 2 1
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If HEA, HEB or IPE profiles are used for beams and columns, substituting (4.8), (4.9)
and (4.10) into (4.16) and (4.19) it is possible to obtain the expression of the
contribution to the yield drift due to the joint rotation and the flexure deformation in
the column as a function of the beam and column cross section heights, as shown
below:
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In this way both the contribution due to the joint deformation and flexural deformation
of the column to the total yield drift can be expressed as a function of the beam
geometrical height, hb, and of the column length, Lc, and column height, hc. It shouldhowever be noted that, while the beam cross section is usually decided at the
beginning of the design process and the column length is principally an architectural
issue, the column section (and so its height) depends of the design process.
In a capacity design framework, the beam and column cross section are not completely
unrelated and a good initial approximation can be obtained from the application of the
beam-to-column capacity design as reported in (UNI EN 1998-1-1:2005):
1.3Rc RbM M  (4.22)
Expressing the values of the bending resisting moment as product of the cross section
plastic modulus and of the yield strength the following relation can be obtained:
, , , ,pl c y c pl c y bW f W f     (4.23)
where β should be greater than 1.3 in order to fulfill the requirements of (UNI EN
1998-1-1:2005).
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Considering that for internal joint the number of resistant column cross sections and
the beam one are equal and substituting the (4.9) into (4.23) the following relation,
that relates directly the column cross section height with the beam one, can be
obtained:
2 2
2, , 2, ,c c y c b b y bh f h f    (4.24)
2, ,
2, ,
b y b
c b b
c y c
fh h hf
  
    (4.25)
where γ is a factor depending on the beam and column section typology (α2,b, α2,c),steel grades used (fy,b, fy,c) and the β factor that is a measure of the columnoverstrength with respect to the beam. Substituting the equation (4.25) into (4.20) and
(4.21), the contribution due to the joint deformation and flexural deformation of the
column to the total yield drift can be expressed as a function of the beam geometrical
height, hb, and of the column length, Lc, only.
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From the analysis of (4.26) and (4.27) it is evident that the choice of the overstrenght
factor β  influences the value of the yield drift rotation. But, at the beginning of the
design process, the column cross section in not known yet and so eq.s (4.26) and
(4.27) would not be applicable. But, considering that, for MRF structures, in order to
respect the capacity design, the column are realized with heavier section such as HEB
or HEM and usually the values of β varies from 1.5 to 3.0, it is possible to evaluate a
mean value of the δj and δc factors. In figure Figure 4-9 the values of δj and δc are
shown as function of β, intending with δj,IPE-HEB and δj,HEA-HEB the case with IPE beams- HEB columns and HEA beams – HEB columns respectively.
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a)
b)
Figure 4-9 Relationship between the δc (a), δj (b) factors and β
The mean values of δj,IPE-HEB, δj,HEA-HEB, δc,IPE-HEB, δc,HEA-HEB are shown in tableTable 4.3.
Table 4.3 Mean values of the δ factors evaluated in the β range 1.5 - 3.0
δj,IPE-HEB δj,HEA-HEB δc,IPE-HEB δc,HEA-HEB
[mm0.5] [mm0.5] [-] [-]
Coefficient 7.725 9.032 0.149 0.118
The coefficient of tableTable 4.3 can be used directly in order to estimate the yield
drift of MRF sub-assemblage with IPE or HEA beam profile and HEB columns.
In the case in which HEM profiles are used for the realization of columns (in the
current practice, they are seldom used for beams), following the same procedure
shown before, the following relation between the column height and the beam one can
be obtained:
1.5 2 2.5 30
0.1
0.2
0.3
0.4
c.IPE.HEB ( )
c.HEA.HEB ( )

1.5 2 2.5 30
0.1
0.2
0.3
0.4
0.4
0
.j.IPE.HEB ( )
.j.HEA.HEB ( )
31.5 
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1.5 2
2, , 2, ,c c y c b b y bh f h f    (4.30)
2/3 4
2, ,2 3
2, ,
b y b
c b b
c y c
fh h hf
  
       
(4.31)
Substituting the equation (4.25) into (4.20) and (4.21), the contribution due to the joint
deformation and flexural deformation of the column to the total yield drift can be
expressed as a function of the beam geometrical height, hb, and of the column length,Lc, only.
1 1 , ,
1
, ,4/3 1/3 1/3
3 3 3
(1 ) (1 ) (1 ) (1 )
1.21 1.21 1.21
b b b b
b b b b y b y b
c c b c c
j y b y b j
c c c b c b b
h h h hh hL L L L
h h h h
          
     
     ( 4.32)
2 2
1 , 1 , , ,1
5/2 5/2 10/3 5/2 4/3 4/3
1 1 1
2
3 3 3
b b y b b b y b y b c y b cc c c b
c
c c c c b c b b
h h L LL L
L h h h h
          
     ( 4.33)
Similarly to the HEB profiles, in the figure the values of δj and δc factors associated to
the HEM profiles are shown as function of β while the mean values are reported in
tableTable 4.4.
Table 4.4 Mean values of the δ factors evaluated in the β range 1.5 - 3.0
δj,IPE-HEM δj,HEB-HEM δc,IPE-HEM δc,HEB-HEM
[mm1/3] [mm1/3] [mm1/3] [mm1/3]
Coefficient 2.53 3.29 1.525 0.967
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a)
b)
Figure 4-10 Relationship between the δc (a),  δj (b) factors and β
4.5.3.Yield drift expression for exterior joints
The same consideration done for interior joint can be extended for the exterior one.
The only difference is that in (4.22) the moment resisting sections of the columns are
double with respect to the beam one. So the values of the δj and δc coefficients assume
the values reported in the following tables.
Table 4.5 Mean values of the δ factors evaluated for the exterior joints (column realized with
HEB profiles) in the β range 1.5 - 3.0
δj,IPE-HEB δj,HEA-HEB δc,IPE-HEB δc,HEA-HEB
[mm0.5] [mm0.5] [-] [-]
Coefficient 6.496 7.595 0.210 0.166
Table 4.6 Mean values of the δ factors evaluated for the exterior joints (column realized with
HEM profiles) in the β range 1.5 - 3.0
δj,IPE-HEM δj,HEB-HEM δc,IPE-HEM δc,HEB-HEM
[mm1/3] [mm1/3] [mm1/3] [mm1/3]
Coefficient 2.008 2.61 2.42 1.535
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5. MODELING OF BARE STEEL DISSIPATIVE ZONES
5.1. Introduction
The development of the seismic design of a MDOF building through the Displacement
– Based procedure is carried out, as already highlighted in Chapter 2, considering a
“substitute” SDOF structure characterized by a linear behavior and a suitable value of
the equivalent viscous damping factor.
Because the primary goal of the DBD is to design the structure to achieve a target
displacement under the design earthquake, the secant stiffness and the equivalent
viscous damping factor of the substitute SDOF structure should be representative of
the displacement and non-linear stiffness characteristics of the MDOF structure. While
the secant stiffness of the substitute structure is derived directly within the DBD
procedure (see Chapter 2), the relationship between the EVD factor and the ductility
demand for the structural typology considered is needed.
Nowadays the most used expression of equivalent viscous damping for steel moment-
resisting frame systems is the one proposed in (Calvi et al. 2007) and it is calibrated
only for connections that exhibit Ramberg-Osgood hysteretic behavior with an
assumed elastic damping coefficient of 5%. As already highlighted in Chapter 2, the
aforementioned expression does not take into account any consideration about the
joint typology and the local detailing.
For this reason, in the present Chapter, a procedure for the calibration of a relationship
between the EVD and the ductility demand is proposed, calibrated and the results
showed for steel MRF structures characterized by full strength rigid joints.
The procedure can be resumed in three main steps, as schematically shown in Figure
5-1, Figure 5-2 and Figure 5-3. In the first step, in order to take into account the
effective non-linear behavior and dissipative capacity of the structural typology
considered, several test campaigns were selected and data on joints, classified as full
strength rigid joints, collected. Different test configurations, element sizes, profiles,
load patterns and beam-to-column joints were considered in order to cover as much
cases as possible. On the base of the experimental data collected and given the simple
shape of hysteretic curve of full strength rigid joints, a phenomenological model was
calibrated, taking into account hardening and degradation effects and separating the
column web panel contribution from the beam plastic hinge one. In this way, even if
the overall joint cannot be classified as full strength rigid due to the influence of the
web panel, the experimental data can be used.
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Figure 5-1 Step 1: collection of experimental data and model calibration
Once the numerical model of the joint is calibrated, several Incremental Dynamic
Analyses, IDA,  were carried out on a SDOF model characterized by the same
hysteretic behavior of the joints studied. For each intensity level, the maximum
deformation experienced by the model and associated secant stiffness associated
recorded (see Figure 5-2).
Figure 5-2 Step2: Non-linear Time History Analyses on a SDOF element representing a sub-
assemblage of the MRF structure
Once the maximum displacement of the non-linear hysteretic model is evaluated,
several IDA on a linear SDOF model, characterized by the secant stiffness found in
Step 2, are carried out evaluating the EVD factor value that permit the linear model to
achieve the same displacement of the non-linear one. In this way, using a great amount
of experimental and numerical data,  it is possible to evaluate the relationship between
the EVD factor and the displacement demand (or ductility demand).
Figure 5-3 Step 3: Non-linear Time History Analyses on a linear model characterized by varying
values of the EVD factor
Experimental
Model
Collection of experimental
Hysteretic Curves
Digitalization of the Hysteretic
Curves Calibration of the CyclicModel
Non linear SDOF model NLTHAnlalysis (30 groundmotion
recordings and  20 values of PGA)
Maximum displacement
Secant stiffness
Residual displacements
Linear SDOF (one for each
Non-Linear Analysis)
NLTH Analyses varying the EVD value
Max. LinearDisplacement (ξ)=
Max Non LinearDisplacementEVD
Linear springwith
secant stiffness
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5.2. Analytical study of bare steel joints
As already mentioned in the previous chapters, in order to evaluate the effective
dissipative capacity of the beam-to-column subassemblage, several test campaigns
were selected and data on full strength rigid joints collected. Initially, fully welded
and extended end plate joints were considered and classified following the provisions
of the Eurocode 3 (UNI EN 1998-1, 2005). In this standard, joints are classified as full
strength if the design resistance of the joint is not lower than the resistance of
connected members and can be classified as rigid, pinned or semi-rigid by comparing
their initial rotational stiffness, Sj,ini, with the classification boundaries shown inFigure 5-4:
Figure 5-4Joint Stiffness classification boundaries
where:
 kb = 25 (for framed structures);
 E  is the steel elastic Young’s Modulus;
 Ib is the second moment of area of the beam;
 Lb is the span of the beam (centre-to-centre of columns)
It should be noted that a defined beam-to-column joint can be classified as rigid, semi-
rigid or nominally pinned depending on the beam span as schematically shown in
Figure 5-5.
Figure 5-5 Joint stiffness classification based on span length
So, in order to evaluate if a given joint should be classified as rigid, semi-rigid or
nominally pinned, a criterion assuming common loads and beams dimensions that can
be found in practice is used.
So, assuming the considered joint as belonging to a steel frame sub-structures in which
(see Figure 5-6):
Zone 1: RIGID JOINTS
Sj,ini ≥ kbEIb/Lb
Zone 2: SEMI-RIGID JOINTS
Zone 3: NOMINALLY PINNED
Sj,ini ≤ 0.5 kbEIb/Lb
kbEIb/Lb ≤ Sj,ini ≤ 0.5 kbEIb/Lb
Sj,ini
Rigid if Lb≥ kbEIb/Sj,ini
Pinned if Lb≤ kbEIb/Sj,ini
Semi-rigid otherwise
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 a total vertical load equal to 8 kN/m2 (considering dead, permanent and live
loads) is applied to the floor;
 the distance between the main beams is assumed equal to 5000 mm;
 the span length Lmin is equal to the edge value between the rigid and semi-
rigid fields:
min
.
b b
j ini
k E JL S
  (5.1)
Figure 5-6 Steel frame sub-structure containing the beam-to-column joint considered
then, the joint is assumed to be rigid if the maximum stress in the beam, evaluated as:
2
int min
max 16z z
q L L
W
  
(5.2)
does not exceed 180 MPa, value assumed to be an optimum working stress under
vertical loads (not considering the seismic action).
Among all the rigid joint typologies for which experimental data on cyclic behavior
are available, initially the fully welded one and the extended end plate one were
selected, considering these solutions practical and potentially cost-effective.
For these joint categories, following the Eurocode 3 (UNI EN 1998-1, 2005)
provisions, the elements influencing the joint stiffness are schematically show in
Figure 5-7.
Lmin
5000
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Figure 5-7 Components influencing joint stiffness for Fully Welded (left) and Extended-
End-Plate (right)
In order to be classified as rigid with commonly used maximum span length, were
noted that both welded and extended end plate joint shall be provided at least with the
column flange stiffeners for the web panel in tension and in compression.  Without
these stiffeners the minimum span length of the beam connected needed to consider
the joint as rigid would be too high and the case studied not realistic.
For the welded joint, were selected, among all the data collected, 10 cases whose main
geometrical characteristics and testing information are resumed in Table 5.1.
It can be seen that most of the joints considered can be classified as rigid if the beam
span length is lower than about 7000 mm. The joints FW1 and FW6 were however
studied in order to take into account the influence of the web stiffener (joint FW1
respect to joint FW2) and of the column size (joint FW6 respect to joints FW7 and
FW8).
On the basis of the data collected, it is possible to study the influence on fully welded
joint hysteretic behavior of the:
a) column size (HEB160, HEB200, HEB240, HEB300, IPE300);
b) beam size (HEA260, IPE300, IPE360);
c) column shear web stiffeners;
d) loading history.
For the extended end plate joint, were selected, among all the data collected, the 12
cases that more represent rigid joints. Their main geometrical characteristics are
resumed in Table 5.2.
From Table 5.2 it can be seen that, in order to obtain an extended end plate rigid joint,
there would be needed a very expensive joint detailing (web stiffeners, thick end
plates, large bolt diameter, etc.) but in the current literature data concerning this joint
Components influencing joint’s stiffness
– Column web panel in shear (k1)
– Column web in compression (k2)
– Column web in tension  (k3)
– Column web panel in shear (k1)
– Column web in compression (k2)
– Column web in tension  (k3)
– Column flange in bending(k4)
– End-plate in bending (k5)
– Bolt in tension (k10)
k1
k2
k3
k1
k2
k3 k4 k10
k5
Fully welded joints Extended end plate joints
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typology are very rare, while there are a large amount of tests on full strength (or
partial strength) semi-rigid joints.
For this reason, within this work, only welded joint are considered.
In Appendix 1, test setup, loading history, geometrical information, beam and column
sections and registered data are summarized for the experimental tests selected on
fully welded joints listed in Table 5.1.
Table 5.1 Geometrical characteristics of the welded joints selected
WELDED JOINTS
Joint ID
References
Joint ID
(within the
reference)
Column Beam WebStiff.
Shear
web
stiff.
Min.
span
length
[mm]
FW1 Ballio et al.
(1987) D1 IPE 300 IPE 300 Y N 7400
FW2 Ballio et al.
(1987) D2 IPE 300 IPE 300 Y Y 4000
FW3 Dubina et al.
(2000) XSW2 HEB300 IPE 360 Y N 6500
FW4 Dubina et al.
(2000) XUW1 HEB300 IPE 360 Y N 6500
FW5 Ballio et al.
(1993) E1 HEB300 HEA260 Y N 6400
FW6 Dubina et al.
(2000) BCC5 HEB160 IPE 300 Y N 10500
FW7 Dubina et al.
(2000) BCC6 HEB200 IPE 300 Y N 6600
FW8 Dubina et al.
(2000) BCC8 HEB240 IPE 300 Y N 5700
FW9 Beg et al.
(2000) SW1 HEB200 IPE 300 Y N 6600
FW10 Beg et al.
(2000) SW2 HEB200 IPE 300 Y N 6600
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Table 5.2 Geometrical characteristics of the extended end plate joints selected
EXTENDED END PLATE JOINTS
Joint
ID Authors Column Beam
Flange
Stiff.
Shear
web
stiff.
End
plate
thickness
[mm]
Bolts Min.span
length
[mm]N° Ф
EP1 Ballio et.al (1993) HEB300 HEA260 Y N 44 8 24 8000
EP2 Ballio etal (1993) HEB300 HEA260 Y N 26 4 30 9500
EP3 Ballio et.al (1993) HEB300 HEA260 Y N 50 4 30 8800
EP4 Ballio et.al (1993) HEB300 HEA260 N Y 50 4 30 7400
EP5 Ballio et.al (1993) HEB300 HEA260 Y N 40 4 30 9000
EP6 Ballio etal.(1987) Rigid IPE 300 Y Y 20 8 24 N.C.*
EP7 Ballio etal.(1987) Rigid IPE 300 Y Y 20 8 24 N.C.*
EP8 Ballio etal.(1987) Rigid IPE 300 Y Y 30 8 24 N.C.*
EP9 Ballio etal.(1987) Rigid IPE 300 Y Y 30 8 24 N.C.*
EP10 Piluso etal.(2007) HEB200 IPE 270 N N 20 8 20 9600
EP11 Piluso etal.(2007) HEB300 IPE 360 Y Y 20 8 20 6000
EP12 Piluso etal.(2007) HEB300 IPE 360 Y Y 25 8 24 5800
*The considered joint is characterized by a uncommonly stiff column. See (Ballio et al.,1987)
for details
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5.3. Digitalization of the cyclic curve
As mentioned in the previous paragraphs, the cyclic force-displacement or moment-
rotation curve for each joint was collected and digitalized in order to simplify the
calibration of the model and the homogenization of results. In fact, the collected data
refers to different test campaigns and so different test setup were used. In order to
make the results comparable and as homogeneous as possible, the digitalized data
were scaled in order to obtain, for each joint test, the moment-rotation curve. In
particular the evaluated moment is referred to the column axis, see (5.3), while the
rotation is defined as the ratio between the relative displacement of the beam end and
the joint center and the distance between the displacement measured point and the
joint center, see (5.4), as schematically shown in the Figure 5-8.
bM F L  (5.3)
2 1V V
b
L L
L
 (5.4)
Figure 5-8 Schematization of the joint rotation
As example of the procedure results, in Figure 5-9 the FW1 test setup, the scan of
force-displacement curve, the digitalization of the force-displacement curve and the
derived moment-rotation curve are shown.
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a) b)
c) d)
Figure 5-9 Example of test results homogenization: a) test setup of FW1 joint; b) scan of test
results; c) digitalized test results; d) moment-rotation curve
The procedure have been applied to each collected data, obtaining a set of moment-
rotation curves representative of different beam-to-column assemblages, loading
histories, rotation range. In the Figure 5-10 the moment-rotation curves relatives to the
selected test on welded joints are reported.
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a) FW1 b) FW2
c) FW3 d) FW4
e) FW5 f) FW6
g) FW7 h) FW8
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i) FW9 k) FW10
Figure 5-10 Moment-rotation curves of the selected tests on fully welded beam-to-column joints
5.4. Calibration of the model
Once all the collected data were digitalized and the moment-rotation curves
homogenized, it was possible to calibrate the phenomenological model described in
§4.3.1. As already said in the aforementioned paragraph, the is a cyclic application of
the moment-rotation relationship proposed by Richard-Abbott monotonic model and,
in the present work, it is implemented taking into account the cyclic hardening and the
cyclic strength deterioration. So the parameter to be defined for each cyclic curves are
the following:
 ko , initial elastic and unloading stiffness;
 kh , asymptotic post-elastic stiffness;
 Mo , interception between the ordinate axis and the asymptote line;
 n , factor influencing the “smoothness” between the elastic and post-elastic
branches;
 Mu,mon and ϕu,mon, ultimate bending strength and ultimate plastic rotation
derived from a monotonic test;
 Hh , plastic hardening factor;
 β , cyclic strength deterioration factor
It can be noticed that the unloading and post-elastic stiffness degradation, the variation
of the “smoothness” due to the cyclic deterioration are not directly taken into account.
The calibration of the aforementioned parameters, except for Mu,mon and ϕu,mon,  has
been conducted using directly the experimental data of the collected tests. For each
test, ko have been calibrated using the unloading stiffness of the moment-rotation
curve, while kh using the post elastic stiffness. In both cases, for the calibration were
used data of the first cycles after the first plasticization. In this way it was possible to
evaluate the value of ko and kh not influenced by the strain hardening or cyclic
degradation, as schematically shown in Figure 5-1 for the FW1 joint.
-300
-200
-100
0
100
200
300
-30 -20 -10 0 10 20 30
Moment [kNm]
Rotation [mrad]
-300
-200
-100
0
100
200
300
-15 -10 -5 0 5 10 15 20 25 30 35
Moment [kNm]
Rotation [mrad]
Chapter 5: Modeling of Bare Steel Dissipative Zones
5-12
Figure 5-11 Example of calibration of ko and kh ( joint FW1)Mu,mon and ϕu,mon should be defined using the results of monotonic tests conducted on
the same beam-to-column sub-assemblage. Unfortunately, for the experimental cases
selected, there were no monotonic results, so Mu,mon was defined as the product of the
plastic section modulus, Wpl, and the ultimate material strength, fu, while ϕu,mon was
evaluated using the “DuctRot” program developed by Victor Gioncu and Dana Petcu
(Pectu et al., 2003) (Gioncu et al., 2012 a) (Gioncu et al., 2012 b). The program deals
with the available rotation capacity of steel beams, using the local plastic mechanism
methodology considering both the in-plane and out-of-plane plastic mechanisms, as
well as the application of gradient or quasi-constant moments. In Figure 5-12 a
screenshot of the DUCTROT-M program is shown.
Figure 5-12 Plastic and post-buckling curves used to determine the available rotation capacity
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It should be noted that, even if the Mu,mon and ϕu,mon are only numerical estimation of
the real values, their approximations does not influence in a relevant way the global
cyclic curve.
The remaining parameters where evaluated directly using the collected experimental
data, evaluating the values that minimize the sum of the absolute values of the distance
between the experimental curve and the numerical one. In the Table 5.1 the evaluated
parameters for each considered joint are reported.
Table 5.3 Evaluated parameters for the calibration of the phenomenological model
Joint
ID
ko kh/ko Mo Mu,mon ϕu,mon n Hh β
[kNm] - [kNm] [kNm] [rad] - - -
FW1 20700 0.004 200 270 0.088 1.15 0.11 0.03
FW2 26210 0.004 350 270 0.107 1.30 0.00 0.05
FW3 99050 0.004 300 438 0.128 1.40 0.01 0.00
FW4 80000 0.004 315 438 0.117 0.65 0.01 0.00
FW5 26270 0.004 350 395 0.085 1.15 0.03 0.00
FW6 18020 0.032 170 270 0.111 1.25 0.04 0.01
FW7 23570 0.023 210 270 0.111 1.30 0.04 0.01
FW8 44420 0.010 300 270 0.111 0.90 0.09 0.05
FW9 17720 0.05 250 270 0.111 1.45 0.01 0.00
FW10 18504 0.12 220 270 0.111 1.40 0.00 0.00
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a) FW1
b) FW2
c) FW3
Figure 5-13 Comparison between the experimental curve and model of joint : a) FW1, b) FW2,
c) FW3
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d) FW4
e) FW5
f) FW6
Figure 5-14 Comparison between the experimental curve and model of joint : d) FW4, e) FW5, f)
FW6
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g) FW7
h) FW8
i) FW9
Figure 5-15 Comparison between the experimental curve and model of joint : g) FW7, h) FW8,
i) FW9
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j) FW10
Figure 5-16 Comparison between the experimental curve and model of joint : i) FW10
5.5. Selection of ground motion recordings
In order to carry out the Non Linear Anlysis on a SDOF model representative of the
studied joints and so to develop the equivalent viscous damping relationships, a sets of
accelerograms were selected, based on the work of (Maley et al., 2012). In this work,
the accelerograms were selected based upon their fit with Eurocode 8 [CEN, 2004]
design spectrum appropriate for the site soil type for ag=0.4g and on minimizing level
of linear scaling required to optimize the fit of a particular record. Further, records
containing evidence of near field effects have been avoided.
The record sets complied have a minimum usable frequency of 0.125Hz and are
grouped according to there spectral characteristics and the Eurocode 8 [CEN, 2004]
soil type of the site at which they were recorded. With the exception of the sets
labelled as pairs, each of the sets contain 10 accelerograms each from a different site
and generally from a different event. The remaining sets each contain pairs of
accelerograms for each horizontal component from 5 different recordings.
Starting from the 70 horizontal component accelerograms complied from 27 different
seismic events, 5 for each category were selected in order to obtain a set of 30
accelerograms. This number is considered to be a good compromise between the
necessity of not excessive computational time and of consider a representative number
that allows to minimize the effect of ground motion recordings variability on the non-
linear response of the SDOF models.
A summary of the record sets is provided below in Table 5.4.
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Table 5.4 Summary of record sets selected from (Maley et al., 2012)
Code Set TD (s) Records Events
LA Linear DS, Soil A >8 5 6
LC Linear DS, Soil C >8 5 10
CA Corner DS, Soil A 4 5 6
CC Corner DS, Soil C 4 5 10
LPC Linear DS pairs, Soil C >8 5 5
ALP Linear DS pairs, Adjusted >8 5 5
Total 30 27*
*total number of individual events used
The Adjusted, Linear, Pairs (ALP) set has been taken from Pennucci et al. [2009] and
have been adjusted to match a linear displacement spectrum up to periods of 8s using
the program RSPMatch2005b (Hancock et al., 2006). The Linear, Soil C, Pairs (LCP)
set can be combined with 2 records from the Linear, Soil C (LC) set and their
orthogonal components to provide 7 recordings for 3D analysis where the matching
accelerograms for vertical excitation have also been included when compiling this set.
For such cases the accelerograms have been selected so as both horizontal components
match the design spectrum well with the same level of linear scaling. The acceleration
and displacement response spectra for each of these sets are given in to where they are
scaled to match to corresponding Eurocode 8 [CEN, 2004] design spectrum for
ag=0.4g.
Figure 5-17 Acceleration Response Spectra for LA set (Maley et al., 2012)
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Figure 5-18 Displacement Response Spectra for LA set (Maley et al., 2012)
Figure 5-19 Acceleration Response Spectra for LC set (Maley et al., 2012)
Figure 5-20 Displacement Response Spectra for LC set (Maley et al., 2012)
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Figure 5-21 Acceleration Response Spectra for CA set (Maley et al., 2012)
Figure 5-22 Displacement Response Spectra for CA set (Maley et al., 2012)
Figure 5-23 Acceleration Response Spectra for CC set (Maley et al., 2012)
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Figure 5-24 Displacement Response Spectra for CC set (Maley et al., 2012)
Figure 5-25 Acceleration Response Spectra for LPC set (Maley et al., 2012)
Figure 5-26 Displacement Response Spectra for LPC set (Maley et al., 2012)
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Figure 5-27 Acceleration Response Spectra for ALP set (Maley et al., 2012)
Figure 5-28 Displacement Response Spectra for ALP set (Maley et al., 2012)
5.6. Evaluation of the EVD factor – ductility relationship
As already described in §5.1, once the phenomenological model is calibrated on the
base of the experimental results, the evaluation of the EVD factor – ductility
relationship is carried out through two different analyses on two different models. The
first ones are Non-Linear Time-History Analyses carried out on a SDOF model
representative of the joint cyclic behavior. In this way the maximum displacement
demand associated to a given earthquake intensity level and the related secant stiffness
can be evaluated. The second ones are NLTH Analyses carried out on a linear SDOF
model characterized by the secant stiffness found in the previous analyses. They are
used to evaluate the EVD factor value that permit the linear model to achieve the same
displacement of the non-linear one. In this way, using a great amount of experimental
and numerical data,  it is possible to evaluate the relationship between the EVD factor
and the displacement demand (or ductility demand).
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5.6.1. Non-linear SDOF model
The SDOF model representative of the non-linear behavior of the studied joint is
composed by a non-linear spring characterized by the hysteretic behavior described in
§5.4 with a viscous damping factor equal to 5% and a mass evaluated in order to
assure an initial elastic period equal to 0.5s. Given that the purpose of this analyses is
to compare the maximum displacement of the non-linear model with the maximum
displacement of the linear one and that the these displacements are evaluated with the
same seismic intensity input, it can be derived that the value of the mass is actually
indifferent.
The NLTH analyses were carried out scaling the selected accelerograms with a scale-
factor varying from 0.025 to 0.5 for a total of 20 non-linear analyses for each selected
joint.
As example, in the figures Figure 5-29 and Figure 5-30, the hysteretic response of joint
FW1 to ground motion ALP1 and a scale factor respectively equal to 0.025 and 0.5 are
reported.
a)
b)
Figure 5-29 Moment - rotation response of FW1 joint to ALP1 ground motion recording and a
scale factor equal to 0.025 : a) total reaction; b) hysteretic reaction (without the damping
contribution)
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a)
b)
Figure 5-30 Moment - rotation response of FW1 joint to ALP1 ground motion recording and a
scale factor equal to 0.25 : a) total reaction; b) hysteretic reaction (without the damping
contribution)
From the figureFigure 5-29b) it can be noticed that, even if the induced force on the
SDOF model is very low if compared to the yield moment, the model shows however
a dissipative hysteretic capacity. For this reason, even for low force level (and so for
low ductility level), the EVD factor is expected to be greater than the 5%.
As example, in the tables Table 5.5 Table 5.6, the maximum rotation, the associated
moment and secant stiffness are reported for each considered joint, ground motion
record ALP1and scale-factor from 0.025 to 0.50.
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Table 5.5 Maximum rotation, associated moment and secant stiffness for ground motion
recording ALP1 and scale factor from 0.025 to 0.25
Scale factor 0.025 0.05 0.075 0.10 0.125 0.15 0.175 0.20 0.225 0.25
Joint
FW1
Max
rotation
[mrad]
3.2 5.6 7.9 9.7 11.2 15.5 23.3 32.1 41.4 51.3
Associated
Moment
[kNm]
59 73 94 77 91 146 161 171 155 159
Secant
stiffness
[kNm]
18604 13064 11874 7876 8134 9434 6896 5321 3748 3094
Residual
disp.
[mrad]
0.6 1.9 3.4 4.6 4.3 1.0 6.7 16.3 25.9 35.9
Table 5.6 Maximum rotation, associated moment and secant stiffness for ground motion
recording ALP1 and scale factor from 0.275 to 0.50
Scale factor 0.275 0.30 0.325 0.35 0.375 0.40 0.425 0.45 0.475 0.50
Joint
FW1
Max
rotation
[mrad]
61.1 71.0 80.8 91.7 102.9 114.7 126.4 138.5 149.5 162.4
Associate
d Moment
[kNm]
162 164 167 154 160 165 150 152 155 157
Secant
stiffness
[kNm]
2647 2317 2065 1686 1559 1440 1186 1102 1037 968
Residual
disp.
[mrad
45.4 55.1 64.8 75.3 84.3 93.4 101.8 109.7 116.5 125.0
5.6.2. Residual Displacement
In the figureFigure 5-31, the residual rotations for the considered joints subjected to the
ALP1 ground motion recording (with the scale factor varying from 0.025 to 0.5) are
reported. It can be seen that it is possible to establish some sort of relation between the
ductility demand and the residual rotations. But looking at figureFigure 5-32, where the
residual rotations of joint FW1 when subjected to the selected ground motion
recordings are shown, it is possible to understand that the relation between the residual
rotations (or displacement) and the ductility demand is strongly related to the ground
motion recording characteristics.
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Figure 5-31 Residual rotation for the considered joints when subjected to ALP1 round motion
recording
Figure 5-32 Residual rotation for joint FW1 when subjected to each of the selected ground
motion recording (with scale factor varying from 0.025 to 0.5)
5.6.3. Linear SDOF model
Using the secant stiffness reported in the tables Table 5.5 and Table 5.6, several
analyses were carried out on a linear SDOF model, varying the viscous damping factor
in order to evaluate the values that, for a given ground motion record and a given scale
factor, permits the linear model to reach the same maximum displacement of the non-
linear one. The viscous damping factor was varied from 5% to 55%, with an increment
of 1%. So, for each NLTH analysis on the non-linear model, 50 analyses were carried
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out on the linear one. For the sake of a better understanding, in the figures Figure 5-33
and Figure 5-34 the global response of the linear model equivalent to the hysteretic
behavior of joint FW1 to ground motion ALP1, a scale factor respectively equal to
0.025 and 0.5 are reported.
a)
b)
Figure 5-33 Moment - rotation response of linear equivalent model of FW1 joint to ALP1 ground
motion recording and a scale factor equal to 0.025 : a) total reaction; b) elastic reaction (without
the damping contribution)
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a)
b)
Figure 5-34 Moment - rotation response of linear equivalent model of FW1 joint to ALP1 ground
motion recording and a scale factor equal to 0.25 : a) total reaction; b) elastic reaction (without
the damping contribution)
The elastic reaction is obviously linear and characterized by the secant stiffness
obtained from the analyses on the non-linear model. From the comparison of the
figures Figure 5-29 Figure 5-33 and of the Figure 5-30 and Figure 5-34, it can be seen
that, for both cases of scale factor equal to 0.025 and 0.25, the maximum displacement
of the non-linear model and of the linear one is the same. From a displacement-based
point of view, the two model can be so considered as equivalent. Obviously, even if
the joint is the same (in this case the FW1 joint), the value of the EVD factor and of
the secant stiffness depend on the maximum displacement. In the tables Table 5.7Table
5.8 the values of the evaluated EVD factor for each joint, ground motion recording
and scale factor are reported, together with the maximum rotation reached.
-300
-250
-200
-150
-100
-50
0
50
100
150
200
-100 -80 -60 -40 -20 0 20 40 60
Moment
[kNm]
Rotation [mrad]
-250
-200
-150
-100
-50
0
50
100
150
200
-100 -80 -60 -40 -20 0 20 40 60
Moment
[kNm]
Rotation [mrad]
Chapter 5: Modeling of Bare Steel Dissipative Zones
5-29
Table 5.7 Maximum rotation and associated EVD factor for all the joints considered, ground
motion ALP1and scale factor from 0.025 to 0.250
Scale factor 0.025 0.05 0.075 0.100 0.125 0.150 0.175 0.200 0.225 0.250
Joint
FW1
Max
rotation
[mrad]
3.2 5.6 7.9 9.7 11.2 15.5 23.3 32.1 41.4 51.3
EVD
factor
[%]
9 13 17 28 30 23 23 22 18 18
Table 5.8 Maximum rotation and associated EVD factor for all the joints considered, ground
motion ALP1and scale factor from 0.275 to 0.500
Scale factor 0.275 0.300 0.325 0.350 0.375 0.400 0.425 0.450 0.475 0.500
Joint
FW1
Max
rotation
[mrad]
61.1 71.0 80.8 91.7 102.9 114.7 126.4 138.5 149.5 162.4
EVD
factor
[%]
19 20 21 21 21 20 29 31 32 34
5.6.4. Definition of the ductility
From the analysis of tables Table 5.7 and Table 5.8 it can be seen that the EVD values
associated to different ground motion recordings cannot be compared relating it
directly with the scale factors. In fact, mainly due to the different frequency content,
ground motion recordings with the same nominal intensity can lead the same joint to
very different maximum displacements. For this reason and in order to homogenize as
much as possible the obtained results also for the different joints, it is considered
convenient to associate the EVD factors evaluated with the ductility demand. As
mentioned in the previous chapters, the definition of the ductility for real hysteretic
behavior is not unique and different assumption can lead to very scattered results.
Within this work, the yielding rotation (required in order to define the ductility) is
defined as the rotation that lead to the yielding of the beam or of the panel zone.
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Table 5.9 Parameter used for the phenomenological model
Joint
ID
koexp[kNm]
kotheo[kNm]
Mybeam[kNm]
Mypanel[kNm]
Mytheo[kNm]
Moexp[kNm]
θy=(Mytheo/Kotheo)[mrad]
FW1 20700 18320 175 106 106 200 5.78
FW2 26210 25350 175 530 175 350 6.90
FW3 99050 105000 298 --* 298 300 2.81
FW4 8000 45660 298 223 223 315 4.88
FW5 26270 37700 253 557 253 350 6.70
FW6 18020 9825 152 60 60 200 6.20
FW7 23570 14710 159 122 122 210 6.15
FW8 44420 25740 261 125 125 300 4.86
FW9 17720 19820 174 86 86 250 4.03
FW10 18504 19820 174 86 86 220 4.03
* the joint setup is symmetrical, so there is no shear force in the panel zone.
5.6.5. Analyses results
The results obtained from the two analysis sets respectively on the non-linear model
and the equivalent linear one allowed to calibrate a simplified expression of the EVD
factor as a function of the ductility. In the figures from Figure 5-35 to Figure 5-44, the
EVD factor obtained for the considered joints are reported together with the
expression that better approximate them. This expression was calibrated evaluating the
C coefficient of the equation originally proposed by Dwairi and Kowalsky (Dwairi,
2007) and modified in order to take into account the viscous damping contribution ξviscset equal to 5%, see (5.5). The C values were evaluated as the values that minimize the
sum of the absolute distance between the expression (5.5) and the EVD factor values
found by the linear analyses.
10.05tot visc hyst C     
        (5.5)
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Figure 5-35 Equivalent Viscous Damping (EVD) factor for the joint FW1 and calibrated equation
(C=0.795)
Figure 5-36 Equivalent Viscous Damping (EVD) factor for the joint FW2 and calibrated equation
(C=0.810)
Figure 5-37 Equivalent Viscous Damping (EVD) factor for the joint FW3 and calibrated equation
(C=0.8550)
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
D
fac
tor
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
Df
ac
tor
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
Df
ac
tor
Chapter 5: Modeling of Bare Steel Dissipative Zones
5-32
Figure 5-38 Equivalent Viscous Damping (EVD) factor for the joint FW4 and calibrated equation
(C=1.040)
Figure 5-39 Equivalent Viscous Damping (EVD) factor for the joint FW5 and calibrated equation
(C=0.750)
Figure 5-40 Equivalent Viscous Damping (EVD) factor for the joint FW6 and calibrated equation
(C=0.840)
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Figure 5-41 Equivalent Viscous Damping (EVD) factor for the joint FW7 and calibrated equation
(C=0.815)
Figure 5-42 Equivalent Viscous Damping (EVD) factor for the joint FW8 and calibrated equation
(C=0.835)
Figure 5-43 Equivalent Viscous Damping (EVD) factor for the joint FW9 and calibrated equation
(C=0.440)
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
D
fac
tor
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
Df
act
or
1 2 3 4 5 6 7 80.05
0.1
0.15
0.2
0.25
0.3
0.35
0.4
0.45
0.5
0.55
Ductility
EV
Df
ac
tor
Chapter 5: Modeling of Bare Steel Dissipative Zones
5-34
Figure 5-44 Equivalent Viscous Damping (EVD) factor for the joint FW9 and calibrated equation
(C=0.435)
5.7. Conclusions
From the comparison of the figures from Figure 5-35 to Figure 5-44 it is possible to
notice that, even with the scattering mainly due to the very different ground motions
recordings used, the relationship between the Equivalent Viscous Damping (EVD)
factors and the ductility, follows the shape foreseen by the equation proposed by
Dwairi and Kowalsky (Dwairi, 2007). It can be noticed also that the dispersion of the
data related to joints FW9 and FW10 is very lower compared to the one of the other
joints studied. This can be mainly due to the fact that these two joints showed, during
the experimental tests, a very narrow hysteretic behavior, limiting in this way the
value of the EVD. It can also be noted that the results obtained from these two joints
are less scattered. This can mainly be because of the low deformation limits imposed
during the test and so no significant hardening or damaging occurred, limiting the
effect of the ground motion recordings variability on the joint behavior.
In figureFigure 5-45 the EVD-ductility curve calibrate using all the data from FW1 to
FW8 is reported, while (5.6) represent the relationship between the ductility demand
and the EVD factor for fully welded joints associated with a viscous damping factor
equal to 5%.
10.05 0.810tot visc hyst     
        (5.6)
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Figure 5-45 Equivalent Viscous Damping (EVD) factor for joints from FW1 to FW8 and
the relative calibrated equation (C=0.810)
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6. APPLICATION OF THE PROCEDURE TO A CASE OF STUDY
6.1. Introduction
The results described in the previous chapter, specifically the expression for the yield
drift and the equivalent viscous damping factor for welded joints, were used to design
a realistic steel MRF case.
In particular, one of the case studies proposed during the DiSTEEL European
Research Project funded by the European Commission (DiSTEEL 2014) was
considered and designed using the DBD principles.
6.2. Case study description
The frame structures consist in multi-storey office buildings with a constant inter-
storey height of 3.5m except at the base floor that is 4.5m in height. The building has
an area of 543m2. Along the length (y axis), there is one axis of 5.35m, one of 4.45m
and 2 bays of 8.0m. Across the width (x axis) there are 3 bays, of 6.5m, 8m and 6.5m.
Both north and south elevations have gravity columns, while the south elevation
follows a semi-circular shape. Floors are assumed to behave as rigid diaphragms in-
plane, fully flexible out of plane, and soil-structure interaction effects are ignored.
Figure 6.1: Case study MRF buildings (left) simplified architecture layout and (right) structural
layout.
European steel sections were used (IPE sections for beams and HE-M sections for
columns) with a steel grade of S355) and in the present work only the solution with
full strength rigid joints was considered (in the DiSTEEL project the design was based
on the use of three joint typologies (i) full strength rigid joints, (ii) full strength semi
rigid, and (iii) partial strength rigid connections).
A normal-weight Concrete Slab of 150mm (5.5kN/m2) was considered for the floor
area (taking into account: tiles, ceiling, MEP services and others). For the roof the
same permanent load applies. A linear load of 1.0kPa is used for the exterior glazing.
As imposed actions an uniform load of 3.0kN/m2 and is used following EC1
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recommendations. Given that the floor allows for lateral distribution of loads, the self-
weight of the partition is taken as 1.0kN/ m2 uniformly distributed.
The seismic mass were evaluated following the recommendations of EC8, EC1 and
EC0, obtaining the following results (neglecting the contribution of the structural
member self-weight):
, 2 , 4105G k j j k j
j j
M G Q kN    (6-1)
The partitions are assumed to be light-weight partitions and so the drift limit related to
the Damage Limitation Limit State (DLLS) is assumed equal to 0.75% (ductile non-
structural component).
The seismic hazard for the 10% in 50 years event for the Ultimate Limit State (ULS)
is characterised by the Eurocode 8 type 1 design spectrum with ground acceleration
(ag) of 0.4g.. The structure is located in a terrain of soil Type C. Figure 6.2 shows the
elastic design spectrum for the case study from EC8. An elastic damping of 3.0% is
assumed for steel structures. The seismic action for the DLLS is defined by EC8 as the
seismic action for the ULS multiply by a reduction factor “ν” that varies for every
country and seismic region and importance class. A ν=0.3 is used for the case study.
Figure 6.2: Elastic Design Spectrum for the case study case from EC8 for Soil Type C.
For the Force Based Design carried out in (DiSTEEL, 2014), European section sizes
were selected to provide the required design strengths after load combinations from
EC0 and safety verification (capacity design requirements) from EC8. Table 6.1 lists
the final section sizes identified. The section sizes are large owing to the high
seismicity of the site and the use of S355 grade steel.
During the design, four main design verifications were checked (i) Drift limit under
DLLS related event, (ii) Capacity design requirements for columns as per Equation
4.29 from EC8, (iii) P-Δ effects through the interstorey drift sensitivity coefficient (θ)
under ULS, and (iv) element strength under ULS.
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Table 6.1Summary of section sizes for the 0.50% DLLS and 0.75% DLLS for full strength rigid.
Level 0.75% - DLLSExt. Col Int. Col Beams
8 HE180M HE240M IPE450
7 HE220M HE280M IPE450
6 HE220M HE280M IPE500
5 HE220M HE320M IPE500
4 HE280M HE320M IPE500
3 HE280M HE320M IPE550
2 HE280M HE400M IPE550
1 HE280M HE400M IPE550
6.3. Displacement Based Design of the case study
A case study with the same geometry and same loads were designed using the
Displacement Based approach. The overall workflow has been already described in
Chpater 2, however a more detailed list of the step undertaken is reported below:
1. Estimation of the beam cross section height and of beam and column profile
typology. The beam cross section height is recommended to be estimate from
the design for gravity loads, while the beam and column profile are usually
chosen using architectural and structural judgments.
2. Evaluation of the storey yield Drifts.
3. Selection of drift limits from code prescriptions, client needs, material strains,
joint plastic rotation limit or engineering judgment.
4. Computation of displacement profile for the limit state related to the hazard
level.
5. Identification of properties of substitute structure (SDOF parameters).
6. Computation of demand parameters: effective period, effective stiffness and
base shear.
7. Estimation of lateral force demand reduction due to energy dissipation
characteristics of the structure.
8. Distribution of base shear up to the height of the building and design of the
plastic hinge zones.
9. Computation of storey stiffness and OTMbase.
10. Equilibrium and stiffness checks
11. Sizing of sections and design of joints.
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Even if Eurocode8 prescribes no drift limit under seismic actions corresponding to the
Ultimate Limit State requirement, the Displacement Based Design code draft
(DBD2012) does recommend a limit of 2.5% and therefore this limit will be respected
for the Displacement Based Design only.
Also in this case, the foundations are assumed as infinitively rigid by arguing that the
base columns are going to be fixed into a reinforced concrete foundation. Floor
diaphragms are assumed to be stiff and resistant enough and with adequate system
connections to transfer the entire floor inertia forces to the seismic frames and since
the structure is symmetric in plan the inertia masses are equally divided between the
frames.
Analogously to the Force Based Design, IPE sections are used for beams and HE-M
sections for columns. Grade S355 steel has been used for all steel members and plates
(fy=355MP).As Permanent Load, Gk, of 5.5kN/m2 is used for the floor area (taking into account:
tiles, ceiling, MEP services and others). For the roof the same permanent load applies.
A value of 3.0kN/m2 for Imposed Action, Qk, is used following Table EC1-6.2.
Also in this case, the Seismic design is undertaken for a region of moderate seismic
intensity where the peak-ground acceleration for the 10% in 50 years event is 0.2g.
The DLLS design is going to be performed with a peak-ground acceleration of
0.2g*0.3=0.06g. The structure is located in a terrain of soil Type C. Elastic design
spectrum is built following Equations [EC8-3.2] to [EC8-3.5] with a S=1.20,
TB=0.15s, TC=0.50s and TD=8.0s.
Step 1: Pre-design:
The pre-design of the beam is carried out considering only the gravity loads.
Schematizing the beam ends  as partial fixed in order to take into account the stiffness
of the column, the maximum bending moment can be estimated as follows:
, 2 ,
38010
k j j k j b
j j
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M kNm
    
  (6-2)
Considering that the steel grade chosen is the S355 an IPE 450 profile is selected for
all the beams of the structure.
Step 2: Yield Storey Drift:
With the preliminary section sizes of the beam and using the eq. (4.41), it is possible
to estimate the value of the yield drift.
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The value of δj and δc are obtained from tables 4.4 and 4.6 in the case of interior and
exterior joints respectively. In tables Table 6.2 and Table 6.3 the values of the yield
drift contributions due to the flexural deformation of the beam yield, θyb, of the column
web panel in shear, θj , and of the column, θc, are reported. In the last two columns also
the total yield drift, θt, and the estimation of the yield drift using the eq. (4.36)
proposed by (Calvi et al., 2007) are reported for sake of comparison. It can be seen
that, for full-strength rigid joints, the contribution to the total yield drift due to the
joint deformation is practically negligible.
Table 6.2 Evaluation of the yield drift for the interior joints
Interior joint
Storey ε hb Lc Lb θyb θj θc θtot 0.65Lb/hb[-] [mm] [mm] [mm] [-] [-] [-] [-] [-]
8 0.17% 500 1750 3250 0.004605 0.000392 0.001334 0.00633 0.018047
7 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
6 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
5 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
4 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
3 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
2 0.17% 500 3500 3250 0.004605 0.000460 0.002667 0.00773 0.018047
1 0.17% 500 4500 3250 0.004605 0.000475 0.003429 0.00851 0.018047
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Table 6.3 Evaluation of the yield drift for the exterior joints
Exterior joint
Storey ε hb Lc Lb θyb θj θc θtot 0.65Lb/hb[-] [mm] [mm] [mm] [-] [-] [-] [-] [-]
8 0.17% 500 1750 7250 0.010273 0.00012118 0.002116 0.01251 0.018047
7 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
6 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
5 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
4 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
3 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
2 0.17% 500 3500 7250 0.010273 0.00014215 0.004233 0.014648 0.018047
1 0.17% 500 4500 7250 0.010273 0.00014681 0.005442 0.015862 0.018047
Step 3: Inter-storey Drift Limit:
As can be seen in the Design Method flow chart, in Step 3 the design drift is selected.
As explained above, this case study is designed for a drift limit of 0.75% for the
Damage Limitation Limit State and 2.5% for the Ultimate Limit State.
Step 4: Design Displacement Profile and Storey Ductility:
The Design Displacement Profile is computed through the equation already described
in Chapter 2 and reported below:
   
n i
i ls c i
n
H hh H h, 1
4
4 (6-6)
where Δi,ls is the displacement at storey i for the limit state under consideration, θc is
the drift limit for the performance level under consideration, h1 and hi are the storey
height of the base storey and the storey height of storey i correspondently and Hn is the
total building. In table
Table 6.4 the design displacement Δi,ls are resumed together with the other quantities
useful for the Displacement Based Design of the structure. In the last column the
lateral force proportion Frel,i is computed using equations (6-7) and ( 6-8) (Sullivan et
al. 2012) with a base shear Vb of 1.0kN in order to get the storey shear proportion for
the storey ductility weighting.
     ni b i i i iiF V m m10.9· · · · (6-7)
      nn b b n n i iiF V V m m10.1· 0.9· · · · ( 6-8)
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Table 6.4. Design displacement profile.
Storey hi[m]
Hi
[m]
Mass
[kN]
θls
[-]
Δi.ls
[m]
θi
[-]
miΔi
[kNm]
miΔi2
[kNm2]
HiΔimi
[kNm2]
Frel,i
[-]
8 3.5 29 1368.5 2.45% 0.554 0.0135 758.7 420.59 22001.45 0.28
7 3.5 25.5 1368.5 2.45% 0.507 0.0151 693.9 351.89 17695.59 0.16
6 3.5 22 1368.5 2.45% 0.454 0.0166 621.9 282.57 13680.73 0.15
5 3.5 18.5 1368.5 2.45% 0.396 0.0181 542.4 214.97 10034.23 0.13
4 3.5 15 1368.5 2.45% 0.333 0.0197 455.6 151.65 6833.45 0.11
3 3.5 11.5 1368.5 2.45% 0.264 0.0212 361.4 95.42 4155.74 0.08
2 3.5 8 1368.5 2.45% 0.190 0.0227 259.8 49.32 2078.45 0.06
1 4.5 4.5 1368.5 2.45% 0.110 0.0245 150.9 16.63 678.95 0.04
Σ = 3844.5 1583.1 77158.6 1.0
Step 5: Substitute-Structure Properties and Energy Dissipation Characteristics:
The equivalent SDOF system properties Δd, me and He are computed as follows:
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It should be noted that me is the equivalent mass associated to a single moment
resisting frame and not to the whole structure. For the storey ductility, given that for
each floor 2 plastic hinges at the exterior joint and 4 plastic hinges at the interior joints
are expected, the weighted value is computed with the following equation:
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Table 6.5 Storey yield drifts and ductility
Storey θyint[-]
θyext[-]
θy,i
[-]
Vrel,i[-]
μi[-]
Vrel,i θy,i[-]
μi Vrel,i θy,i[-]
8 0.006331 0.01251 0.01045 0.28 2.34 0.0038 0.008795
7 0.007732 0.014648 0.012343 0.44 1.98 0.0066 0.013148
6 0.007732 0.014648 0.012343 0.59 1.98 0.0097 0.019285
5 0.007732 0.014648 0.012343 0.71 1.98 0.0129 0.025642
4 0.007732 0.014648 0.012343 0.82 1.98 0.0161 0.031981
3 0.007732 0.014648 0.012343 0.90 1.98 0.0192 0.038043
2 0.007732 0.014648 0.012343 0.96 1.98 0.0219 0.043549
1 0.008509 0.015862 0.013411 1.00 1.83 0.0245 0.044758
Σ = 0.1147 0.2252
System ductility is evaluated as the weight mean of the storey ductility, see (6-13), and
it is used to evaluate the equivalent viscous damping, see (6-14), evaluated with the
calibrated equation shown in Chapter. In order to take into account that eq. (6-14) is
calibrated for an elastic damping equal to 5%, while following the Force Based Design
of the steel MRF structure an elastic damping of 3% was used, the EVD was
opportunely reduced by the factor proposed by (Sullivan et al., 2012), see (6-15). The
final value of the displacement reduction factor is evaluated in (6-17).
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1 1.96 10.05 0.810 0.05 0.810 0.1761.96eq
  
             (6-14)
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0.07 0.07 0.5970.02 0.02 0.176eq
R     (6-16)
0.96 0.597 0.573in R      (6-17)
Step 6: Effective System Properties:
It is now possible to evaluate the properties of the SDOF effective system.
, ,· 0.597·0. 0.4367 97D eq D el m m   inη Δ (6-18)
 ,
0.412 8 7.490.439
d
e D
D
mT T s sm
     (6-19)
 
2 2
22
93364 · 4 · 6687.49
e
e
e
m kN kNK T ms    (6-20)
Finally the base shear is computed taking into account for the second order effect
(Sullivan et al., 2012).
9336 0.412· 668 0.412 1.0· 2 4675 2 30 6 9. .1b e d P
kN kN mV K V N m kNmm k 
      (6-21)
Step 7: Vertical Distribution of Lateral Force:
Using the base shear evaluated in (6-21) it is possible to evaluate an equilibrated
distribution of the beam shear, as shown in table 6-6. The shear distribution is then
used to evaluate the beams flexural demand and consequently the cross section
needed.
Table 6.6 Trial Plastic Hinge Strength
Storey hi Hi μ,i Δi Fi Vd Fi*Hi Vsi M (L=6.5m) Section Mres
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[m] [m] [m] [kN] [kN] [kNm] [kN] [kNm] kNm
8 3.5 29.0 2.34 0.55 130 130 3759 59.38 192.99 IPE450 778.87
7 3.5 25.5 1.98 0.51 76 205 1934 94.13 305.92 IPE450 778.87
6 3.5 22.0 1.98 0.45 68 273 1495 125.27 407.13 IPE450 778.87
5 3.5 18.5 1.98 0.40 59 333 1097 152.43 495.40 IPE450 778.87
4 3.5 15.0 1.98 0.33 50 383 747 175.24 569.54 IPE450 778.87
3 3.5 11.5 1.98 0.26 40 422 454 193.34 628.35 IPE500 778.87
2 3.5 8.0 1.98 0.19 28 450 227 206.35 670.63 IPE500 778.87
1 4.5 4.5 1.83 0.11 16 467 74 213.90 695.19 IPE500 778.87
Σ = 467 9788
Comparing the beam section obtained in table 6-6 with the beam section of the
predesign, it can be seen that the difference are very small (only the first three floors
are changed passing from a IPE450 to a IPE500. For this reason the calculation is not
reiterated and the section of table 6-6 are used.
Step 8: OTMbase and Storey Stiffness computation:
In order to assure that no sudden stiffness change happens between different  stories,
in table 6-7 the stiffness for each storey is computed with the following expression
(Sullivan et al., 2012).
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where mR,j is the moment resistance of expected plastic hinge region j, hsa,i is the
effective height of level i that corresponds to the distance between moment contra-
flexure points from the column at the upper storey and the columns at the lower
storey) and θy,i is the yield drift of storey i. As stated in (DiSTEEL, 2014), in the above
approach it is assumed that the key to the success of the Direct DBD method is that
the required (design) effective stiffness is provided to the equivalent SDOF system
and that the storey-strength and stiffness do not necessarily need to correspond to that
obtained from the traditional approach. Instead, it is proposed that the lateral
resistance offered at each level can be less than that given by the equivalent lateral
force distribution resulting from the standard DBD procedure, provided that (i) storey
stiffness values, defined by Equation (6-22)Errore. L'origine riferimento non è stata
trovata., do not change significantly from one level to another and instead vary
gradually over the height of the MRF (see table 6-7) (ii) the total overturning
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resistance is greater than or equal to the required equivalent SDOF system resistance
(given by Vb.He,), see table 6-8. In adopting this type of approach it is assumed that the
strength distribution will not significantly affect the effective height (via the displaced
shape) at least for low to moderate levels of system ductility demand and that instead,
the stiffness distribution (which is indirectly linked to the strength) will be more
important.
Table 6.7. Example 8S-FSR - Step 8a: Storey stiffness.
Storey M,J,EXT,i[kN-m]
M,J,INT,i
(kNm]
Σ Mj,d
[kNm]
Hsa,i
[m]
θy,i
[rad] Ksa,i
Ki+1
/ Ki
8 604 604 3625 2.33 0.01045 63898
7 604 604 3625 3.5 0.012343 23977 2.66
6 604 604 3625 3.5 0.012343 23977 1.00
5 604 604 3625 3.5 0.012343 23977 1.00
4 604 604 3625 3.5 0.012343 23977 1.00
3 760 760 4560 3.5 0.012343 30159 0.80
2 760 760 4560 3.5 0.012343 30159 1.00
1 760 760 4560 3.55 0.013411 27650 1.12
Table 6.8. Example 8S-FSR - Step 8b: OTMbase at design displacement.
Storey Section Mj,i[kN-m]
MTrial,J,EXT,i
[kN-m]
hi
[kN-m]
Vy,l,i
[kN]
OTMTrial
[kN-m]
8 IPE450 604.21 3625 3.5 2072 7251
7 IPE450 604.21 3625 3.5 0 7251
6 IPE450 604.21 3625 3.5 2072 14501
5 IPE450 604.21 3625 3.5 0 14501
4 IPE450 604.21 3625 3.5 2072 21752
3 IPE500 778.87 4673 3.5 599 23847
2 IPE500 778.87 4673 3.5 2072 31098
1 IPE500 778.87 4673 4.5 5 31122
Step 9: Checks:
Overturning Moment Resistance of the structure is checked:
     , ,467 20.1 9386 31122b e SDOF ls R lsV H OTM kN m kNm kNm OTM
Storey stiffnesses respect the relation:
 i i ik k k10.8 (6-23)
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Step 10: Capacity Design:
Following the principles of capacity design, column moments are computed in Table
6.99.
Table 6.9. Example 8S-FSR - Step 10: Capacity design actions for columns.
Level MC-EXT,i(kN-m)
MC-INT,i
(kN-m)
Wpl,C-EXT,i
(cm3)
Wpl,C-INT,i
(cm3)
Needed
Section EXT
Needed
Section
INT
8 604 1208 2211 4423 HE 220 M HE 260 M
7 604 1208 1105 2211 HE 220 M HE 260 M
6 604 1208 1105 2211 HE 220 M HE 260 M
5 604 1208 1105 2211 HE 220 M HE 260 M
4 604 1208 1105 2211 HE 220 M HE 260 M
3 779 1558 1426 2852 HE 240 M HE 280 M
2 779 1558 1426 2852 HE 240 M HE 280 M
1 779 1558 1426 2852 HE 240 M HE 280 M
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7. CONCLUSIONS
In the present work the displacement-based design of steel moment resisting frame
structures characterized by full-strength rigid joints has been studied. The work was
carried out inside the framework of the more general project on displacement based
design DiSTEEL (Displacement Based Design of Steel Moment Resisting Frame
Structures – RFSR-CT-2010-00029) funded by the Research Fund for Coal and Steel
of the European Commission. Initially, a brief revision of the force-based and
displacement-based design main aspects was carried out, highlighting for both
approaches vantages and drawbacks. In particular, a more detailed description of the
displacement-based design state-of-the-art was presented and the main deficiencies
related the application to steel moment resisting frame highlighted. The scopes of this
thesis work was to try to overcome the most important, by judge of the Author,
deficiencies selected among all the ones founded. One of them was the definition of a
yield displacement expression, as simple as possible, that allowed to maintain the
same design procedure (so knowing at the beginning of the design process only the
geometry of the structure and an estimation of the beam cross section height derived
from a pre-design considering only gravity loads), but at the same time capable to take
into account the influence of the beams and columns profile typologies and the storey
height.
The aforementioned expression of the yield displacement is then proposed for MRF
structures that uses IPE or HE profiles for beams and columns. In fact, starting from
the observation that the main cross section characteristics (elastic and plastic section
modulus, moment of inertia, shear area, etc.) can be expressed as a function of the
cross section height and that column sections are related to the beam ones by means of
capacity design relationships, it was possible to develop the  simple expressions of the
contribution to the total yield drift due to the flexural yielding of the beam, the joint
deformation and the column flexural deformation. Different expressions and
coefficient were calibrated in the case of interior or exterior joints, in the case in which
the column are realized with HEB or HEM profiles and in the case in which the beam
are IPE, HEA or HEB profiles. In the following, as example, the case for the interior
joint with the column realized an HEB profile is reported.
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Table 7.1 Mean values of the δ factors evaluated in the β range 1.5 - 3.0
δj,IPE-HEB δj,HEA-HEB δc,IPE-HEB δc,HEA-HEB
[mm0.5] [mm0.5] [-] [-]
Coefficient 7.725 9.032 0.149 0.118
Similar expressions and coefficients were calibrated also for exterior joints and for the
other case of beams/columns profiles and are reported in details in Chapter 4.
The second important objective of the thesis was the definition of the relationship,
able to take into account the real behavior of the structural elements, between the
equivalent viscous damping factor of a beam-to-column sub-assemblage characterized
by full-strength rigid joint and the ductility demand. Starting from the consideration
that in moment resisting frames, the dissipative capacity is demanded to the hysteretic
behavior of the plastic hinges, and so to the zone close to the beam-to-column joint,
several experimental data on full-strength rigid joints were selected among the ones
available in literature. Using these collected data, a phenomenological model, able to
represent the hysteretic behavior of these elements considering also hardening
phenomena or cyclic damage, was studied and calibrated for each beam-to-column
configurations collected. In order to calibrate the equivalent viscous damping factor,
each beam-to-column sub-assemblage collected was firstly represented by a non-linear
SDOF model in which the plastic hinge behavior was described by the relative
calibrated phenomenological model. Carrying out several incremental dynamic
analyses, the maximum displacement, the associated force and secant stiffness were
evaluated for several values of the seismic intensity. For each seismic intensity level,
the same beam-to-column sub-assemblage was then represented by a linear SDOF
model characterized by the secant stiffness evaluated with the non-linear model. The
viscous damping factor was then varied until the maximum displacement of the linear
model was equal to the one evaluated with the non-linear one. In this way the two
model were characterized, for a given seismic intensity, by the same maximum
displacement and the same force (thanks to the assumption of the same secant
stiffness). Carrying out several IDA analysis on these two models, it was possible to
calibrate a reliable expression of the equivalent viscous damping factor as a function
of the ductility demand. The form of the expression is the same of the one proposed by
(Calvi et al., 2007) and reported below.
10.05 0.810tot visc hyst     
        (7.4)
Using the results founded, it was possible to design a moment resisting frame through
the displacement-based design. By the application to a case study it was also possible
to highlight the main advantages and drawbacks of the methods.
The main advantage can be surely found in the simplicity of the calculation. In fact,
within the present work, the displacement-based design of the case study was carried
out using a simple excel sheet, allowing for a very fast calculation.
On the other hand, this design method seems to be a “black box”, in the sense that the
sensation of the Author during the design is to give some initial data as input and
receive the elements dimensions as output without a great control over the design
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process. This sensation can be, however, due to the lack of experience in the use of the
displacement-based design procedure and surely, a greater experience of the designer
can lead to a better handling and control of the process.
7.1. Further developments
A similar approach used for steel moment resisting frames is proposed for the steel-
concrete composite MRF structures with partial strength semi-rigid joints. The main
difference is that, given the lower number of experimental tests on this joint typologies
and the complex behavior of the joint due to the interaction of a great number of
different steel and concrete components, the cyclic hysteretic behavior of the joint is
proposed to be studied developing and calibrating a cyclic mechanical model. In order
to develop the aforementioned cyclic model, an accurate study of the joints is
currently under development, studying it through the component method proposed
within Eurocodes, allowing the classification by strength and stiffness, the
determination of the main joint components and  highlighting the possible yielding
and collapse mechanisms of the joint studied. The general workflow is schematically
shown in figure 7-1.
Figure 7-1 General workflow for the DBD procedure calibration for composite MRFs with partial
strength semi-rigid joints
Component analysis of the
composite joint
Calibration mechanical  cyclic
model of the dissipative zone
(partial strength joint) and IDA
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